University of Wollongong

Research Online
University of Wollongong Thesis Collection

University of Wollongong Thesis Collections

2011

A new mitigation scheme to resist the progressive
collapse of reinforced concrete buildings
Thaer Mohammed Saeed Alrudaini
University of Wollongong

Recommended Citation
Alrudaini, Thaer Mohammed Saeed, A new mitigation scheme to resist the progressive collapse of reinforced concrete buildings,
Doctor of Philosophy thesis, University of Wollongong. School of Civil, Mining and Environmental Engineering, University of
Wollongong, 2011. http://ro.uow.edu.au/theses/3224

Research Online is the open access institutional repository for the
University of Wollongong. For further information contact Manager
Repository Services: morgan@uow.edu.au.

NOTE
This online version of the thesis may have different page formatting and pagination
from the paper copy held in the University ofWollongong Library.

UNIVERSITY OF WOLLONGONG
COPYRIGHT WARNING
You may print or download ONE copy of this document for the purpose of your own research or
study. The University does not authorise you to copy, communicate or otherwise make available
electronically to any other person any copyright material contained on this site. You are
reminded of the following:
Copyright owners are entitled to take legal action against persons who infringe their copyright. A
reproduction of material that is protected by copyright may be a copyright infringement. A court
may impose penalties and award damages in relation to offences and infringements relating to
copyright material. Higher penalties may apply, and higher damages may be awarded, for
offences and infringements involving the conversion of material into digital or electronic form.

A NEW MITIGATION SCHEME TO RESIST THE
PROGRESSIVE COLLAPSE OF REINFORCED
CONCRETE BUILDINGS
A thesis submitted in fulfilment of the
requirements for the award of the degree

DOCTOR OF PHILOSOPHY

from

UNIVERSITY OF WOLLONGONG

By

THAER MOHAMMED SAEED ALRUDAINI, B.Sc., M.Sc.

SCHOOL OF CIVIL, MINING AND ENVIRONMENTAL
ENGINEERING
2011

To my parents, brothers and sisters
To my wife and daughters

Certification

I, Thaer M. Saeed Alrudaini, declare that this thesis titled “A New Mitigation Scheme to
Resist the Progressive Collapse of Reinforced Concrete Buildings”, submitted in fulfilment
of requirements for the award of Doctor of Philosophy, in the School of Civil, Mining and
Environmental Engineering, University of Wollongong, is wholly my own work unless
otherwise referenced or acknowledged. This document has not been submitted for
qualifications at any other academic institution.

Thaer M. Saeed Alrudaini
July 2011

iii

Acknowledgement

I would like to express my sincere appreciation to my supervisor, Associate Professor
Muhammad N. S. Hadi for his valuable advice, support and continuous encouragement
throughout my Ph. D. Study.

Also, I wish to acknowledge that my study has been conducted under a fully funded
scholarship provided by the Iraqi Ministry of Higher Education and scientific Research.
This fully funded scholarship is greatly appreciated.

Finally, I would like to express my deepest gratitude to my family for their support and
encouragement during my study.

iv

List of Publications
Alrudaini, T M S and Hadi, M N S, 2010, “A New Design to Prevent Progressive Collapse
of Reinforced Concrete Buildings”, The 5th Civil Engineering Conference in the Asian
Region and Australasian Structural Engineering conference, August, 2010, Sydney,
Australia, no. 154, 6 pages.
Hadi, M N S and Alrudaini, T M S, 2011, “A new system for reinforced concrete buildings
to prevent potential progressive collapse.” 21st Australian Conference on the Mechanics of
Structures and Materials, Melbourne, Australia, pp173-177.
Hadi, M N S and Alrudaini, T M S, “Preventing the Progressive Collapse of Reinforced
Concrete Buildings”, The Thirteenth International Conference on Civil, Structural and
Environmental Engineering Computing, Chania, Crete, Greece in 6-9 September 2011
(accepted for publication).

v

Abstract
Local failure and damages have led several buildings around the world progressively
collapsed during the last few decades. Consequently, several design codes and standards
have provoked considering the progressive collapse in designing the buildings according to
their occupancy and the potential resulted hazards. In this thesis, a new mitigation scheme
is proposed to resist the progressive collapse of reinforced concrete buildings that resulted
from potential column failure. The proposed scheme comprises installing steel cables
parallel to the columns either externally connected the ends of the beams for retrofitting
existing buildings or embedded in the columns for upgrading new buildings. Also, the
proposed scheme includes placing a hat braced steel frame on the top of the buildings by
which the vertical cables are hanged and supported. When a column failure occurs, the
vertical cables will transfer the floor loads upward to the hat braced frame which in turn
redistributes these transferred loads to the adjacent columns.

A finite element modelling is developed by using the finite element program ANSYS 11.0
(2008) and a nonlinear dynamic analysis is conducted following the alternate path method
recommended by GSA (2003) and UFC (2009) guidelines to investigate the validity of the
proposed scheme. In addition, a simplified technique is developed and programmed in
MATLAB 7.8.0 (2009) for designing the vertical cables of the proposed mitigation scheme.
Conventional reinforced concrete building models designed according to the Australian
Standards AS3600 (2009) have been adopted in the investigations.

vi

The analysis results of this study showed the efficiency of the proposed scheme in
mitigating the progressive collapse of reinforced concrete buildings. Also, the results show
the validity of the developed technique in designing the vertical cables and in predicting the
vertical deflection above the failed column.
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CHAPTER ONE
Introduction

1.1 Introduction
Buildings are structurally designed to support anticipated loads adequately and safely in
addition to fulfil clients’ needs which include functional and aesthetic requirements.
However, since the partial progressive collapse of the 22-storey Ronan Point apartment
building in 1968 which was triggered by a gas explosion, an obvious attention in civil
engineering community had been provoked to consider unanticipated loading events.
Nevertheless, the ordinary designs do not normally account for the extreme loading events
that may cause progressive collapse. Recently, progressive collapse of buildings became
one of civil engineering significant issues after the progressive collapse of the World Trade
Center in 2001. Inherently progressive collapse is different from other collapses that may
happen to structures and buildings in which it is disproportionate to the collapsing event.

Progressive collapse can be defined by a chain failure of structural members triggered by
local failure or damage and causing partial or entire collapse of the structure (ASCE, 2005).
The local failure or damage in well engineered structures and buildings usually results from
unanticipated abnormal loads. The abnormal loads arise from extraordinary events which
are characterized by low probability of occurrence, short time effect and high intensity.
Abnormal loads may include pressure loads (gas explosions and bomb blasts), impact loads
(aircraft and vehicular collision and failing debris) and deformation loads (softening
members resulting from fire and foundation subsidence) (ASCE, 2005).
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In many cases, extraordinary events are indirectly avoided by nonstructural measures.
However, the increase in potential extraordinary events and the difficulty of applying
nonstructural measures increase the risk of the progressive collapse. Also, recent facilities
and architectural requirements to construct buildings with large panels and needs for high
rise building increase the hazards of the extraordinary events that may lead to the
progressive collapse. The following section briefly presents three eminent progressive
collapse cases that were initiated by a local failure.

1.2 Progressive Collapse Cases
1.2.1 Ronan Point Apartment Building
The first eminent progressive collapse of a building that drew attention of engineers and
researchers was the partial collapse of the Ronan Point apartment building in England. The
Ronan Point building was a high rise 22-storey residential building constructed in England
between July, 1966 and March, 1968. The Ronan Point building have a structure that
consisted of load bearing precast concrete walls supporting precast flat plate floor systems.
The Ronan Point apartment building which was partially collapsed in May, 1968 due to a
th

gas explosion in the corner flat on the 18 floor is shown in Fig.1-1. This gas explosion
pushed forward the exterior bearing wall which caused the collapse of the floors above the
18th floor. The collapse of floors 19-22 over the 18th floor triggered chain collapse of below
floors down to ground.
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Figure 1-1: Partial collapse of Ronan Point apartment building (Pearson and Delatte, 2005).

Later investigations on the progressive collapse of the Ronan Point building showed that
the insufficient provisions of lateral support for the precast panels led to the knocking out
of that precast bearing walls under the effect of a gas explosion. Also the investigations
showed that the lack of continuity and redundancy of the structural system were the main
factors of propagating the collapse (Pearson and Delatte, 2005).

1.2.2 Alfred P. Murrah Building
The progressive collapse of the Alfred P. Murrah building shown in Fig. 1-2 was the
eminent event that prompted to the second wave of interest on the progressive collapse in
the civil engineering profession. The Alfred P. Murrah building was an office facility that
belonged to the U. S. government which was constructed in Oklahoma City during the
3

1970s. The building had a typical rectangular plan and consisted of a nine storey reinforced
concrete ordinary frame structure with one way floor slab systems. The lateral loads on the
building were resisted by interior shear walls that encompassed the lift and stairs. The
particular feature of the Alfred P. Murrah building’s structure was the transfer girder that
was located at the third level in the exterior front face of the building. The transfer girder
that supported the upper columns was spaced at 6.1 m centre to centre over the lower
columns that were spaced at 12.2 m centre to centre. In 1995, a truck bombing attack at the
front side of the building caused local collapsing of one of the exterior columns at the first
floor of that building which triggered the progressive collapse (NIST, 2007).

Figure 1-2: Partial collapse of Murrah building
(http://wizbangblog.com/images/2010/11/britannica.jpg)

It was reported that the failure of the first floor column caused the failure of the laterally
unsupported adjacent columns leaving the transfer girder unsupported which triggered the
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progressive collapse of the above floors (Osteraas, 2006). It was shown that the details of
the columns together with the insufficient continuity and ductility of the transfer girder
were inadequate to absorb the failure of the first floor column that led to the progressive
collapse (Corley, 2004).

1.2.3 World Trade Center
The interest on the progressive collapse issue reached its zenith after the complete
progressive collapse of the World Trade Center (WTC) towers shown in Fig. 1-3. The
World Trade Center (WTC) towers were constructed in New York City and were the world
tallest buildings in 1972. The structure of the buildings consisted of closely spaced
perimeter columns and widely spaced interior columns surrounding the shaft of the lifts and
the stairways in which formed a tube in tube structural system. In 2001, two planes attacked
the main World Trade Center (WTC) towers in which the first plane hit the north tower
between the 94th and 98th floors at an estimated speed equal to 760 km/h, while the second
plane hit the south tower between the 78th and 84th floors at an estimated speed equal to 950
km/h (FEMA-403, 2002). The planes crushing into the top part of the towers resulted in
severe damages in the towers and caused local failures. Also the fuel explosion caused
further failures and caused fire that was extended to a wider area which caused heavy
debris loads on the underneath floors that triggered the dominion failure that led to the
complete progressive collapse of the towers.
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Figure 1-3: Collapsing of WTC tower
(http://www.september11news.com/111wtcreutersitaly.jpg)

1.3 Design consideration for progressive collapse
It is obvious that the progressive collapse mechanism have two different modes. The first
mode demonstrated by releasing support that leads to spreading failure to the above
members. The second mode is demonstrated by failure at high levels that cause debris loads
which trigger dominion mechanism. On the other hand, investigations on buildings
collapsed under the effect of earthquake have different failure mechanisms. The earthquake
failure mechanisms involve lateral sway of the buildings and then the building could
collapse under its gravity loads. However, records of collapsed buildings have showed that
in some cases that the earthquakes might failed one or number of columns which produce a
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double span mechanism (the case of interior column failure) or cantilever span mechanism
(the case of corner column failure) that may lead to the progressive collapse (Gurley, 2008).
Fig. 1-4 illustrates the progressive collapse of corner bay of reinforced concrete buildings in
Turkey. The progressive collapse was initiated by the failure of the weak corner column
that resulted from the earthquake as reported by the Risk Management Solutions (RMS,
1999).

Figure 1-4: Progressive collapse of floors above the failed corner column that resulted from
Kocaeli, Turkey Earthquake (RMS, 1999)

Records showed that disproportionate and progressive collapse resulted from the abnormal
loads demonstrating catastrophic hazards on people’s life and property losses despite of the
low probability of such events (Ellingwood, 2006). For civil engineers, structural safety has
always considered the preoccupation factor in the civil engineering designs in which
failures are related to life loss and economic consequences. On the other hand the cost
factor is an effective factor in the civil engineering constructions especially in commercial
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projects. Designing buildings to withstand progressive collapse versus conventional
construction leads to an increase in the project cost.

Recently, the robustness of buildings to resist the progressive collapse has become one of
the design imperative in several design codes and standards. GSA (2003) guidelines
mandated considering the progressive collapse in designing the federal buildings in the
United States. ASCE-07 (2005) recommended considering the progressive collapse in the
design process. Unified Facilities Criteria (UFC, 2005 and 2009) mandated different design
requirements and level of protection to reduce the risk of the progressive collapse based on
the perspective hazards. Usually collapsed buildings experience different hazard effects on
the life and the property loss according to the building type and occupancy regardless to the
type of collapse. UFC (2009) adopted the buildings’ occupancy categories presented by
ASCE-07 (2005) and ASCE/SEI-41 (2006) in specifying the resistance requirements to
reduce the risk of the progressive collapse. ASCE-07 (2005) and ASCE/SEI-41 (2006)
classified buildings according to the credible hazards including earthquake, floods, snow
and winds. Classification of buildings according to ASCE-07 (2005) includes four
occupancy categories regarding the perspective risk of hazardous events. Categories reflect
the seriousness of structural collapse consequence on human life from lowest hazard
(Occupancy Category I) to highest hazard (Occupancy Category IV). Occupancy Category
I is for buildings of very low occupants which include minor storage and agriculture
facilities, Category II include buildings of ordinary occupants numbers and Category III
include buildings with large number of occupants. Finally, Category IV include sensitive
facilities like hospitals, rescue facilities and critical defence facilities that should maintain
their operation abilities even if they are affected by hazardous events. Also, in the British
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Approved Document (The Building Regulations, 2004), buildings have similar
classification according to progressive collapse design criteria and hazard consequences on
human life. The British Approved Document (2004) mandated considering the progressive
collapse according to the building class which is varied from less hazard consequence
(Class 1) to the highest hazards (Class 3).

In addition, codes and standards introduced provisions to prevent progressive collapse with
different levels of protection. The provisions in the design codes and standards to prevent
the progressive collapse are varied from implicit digested statements on the structural
integrity (ACI 318, 2005) to explicit regulatory provisions (British Approved Document,
2004, ASCE 07, 2005 and NIST, 2007) and design guidelines (GSA, 2003 and UFC, 2009)
to prevent progressive collapse of buildings. However, very few design details are available
to prevent the progressive collapse especially for reinforced concrete buildings. The
buildings’ robustness provisions and the past proposed design schemes to resist the
progressive collapse of buildings together with the past studies that investigates the
buildings’ response in the event of the progressive collapse are highlighted in Chapter Two
of this thesis. The following section outlines the general design approaches mandated by
some design practice to avoid the progressive collapse of buildings followed by Section 1.5
which introduces the goal of this study that was prompted by progressive collapse design
demands.

9

1.4 General procedures to mitigate progressive collapse
ASCE (2005) defined different approaches to prevent the progressive collapse of buildings.
These approaches included: (1) event control, (2) indirect design, and (3) direct design.
Event control considers indirect measures to protect the structure through eliminating or
avoiding the extreme loads. In the indirect design approach, progressive collapse resistance
of the structure is implicitly achieved in terms of integrity provisions through the
conventional design process without any reference to the extreme loads or the abnormal
threatening. Direct design approach explicitly improves progressive collapse resistance and
the ability of structures to absorb damage. In the direct design approach, abnormal load
effects on the structure are considered as well as the normal design loads. Direct design
method is subdivided into two different approaches which are defined as the local
resistance and the alternate path methods. In the local resistance method, the local failure is
prevented by designing these members to resist an extreme loading. However, in the
alternate path method, the local failure is tolerated while the structure is provided with the
ability of redistributing the residual forces. The following subsections briefly describe the
general approaches for mitigating the progressive collapse of buildings.

1.4.1 Event control
Event control is implemented by providing protection against incidents or by eliminating
possible threat which might cause local failures that lead to progressive collapse. Event
control includes but not limited to: elimination of gas installation in multistorey buildings,
as implemented in France (cited in Fintel and Schultz, 1979); isolation of parking zones;
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provisions that specify the minimum vehicles and building distances (UFC 4-010-02,
2009) and use of blast energy absorber like blockades, bollards and planters.

Usually implementing the event control to prevent progressive collapse does not provide
the structure with inherent resistance to progressive or disproportionate collapse and in
many cases the solutions are outside the designers’ control making event control an
impractical solution. Consequently, it is demanded to consider structural measures and
designs to prevent the progressive collapse following either or both indirect and direct
design approaches.

1.4.2 Indirect design
In the indirect design, robustness of the structure against progressive collapse is implicitly
gained in terms of integrity provisions through the design criteria considering the normal
loading condition. The integrity of the structure accomplished through the layout of the
structural components, members sizing, connection details, minimum strength requirements
and redundancy requirements in terms of continuity and ductility (ACI 318, 2005, ASCE
07, 2005, NIST, 2007 and UFC, 2009).

The indirect design method is widely spread among the engineers due to its easiness to
implement in different kinds of construction and simplicity as it is independent on
abnormal loading condition. However, adopting this approach is limited to low level of
protection against progressive collapse or to a limited kinds of buildings as asserted in
several design codes and standards (GSA, 2003, British code, 2004 and UFC, 2009) which
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require a direct design approach for the medium to high level of protection as well as for
the critical buildings.

1.4.3 Direct design
In the direct design method, preventing progressive collapse is accomplished by explicit
consideration of abnormal loads and the progressive collapse events in the analysis and
design of the structure or the individual structural members. This method includes two
approaches of design; specifying local resistance of key elements and alternate load path
method. The following subsections briefly review the two direct approaches to prevent the
progressive collapse.

1.4.3.1 Specific local failure resistance
In this method, progressive collapse can be avoided by preventing local failure of critical
members subjected to extraordinary events. Critical members are designed and provided
with special measures to resist abnormal loads as well as the normal design loads. Critical
members are those members potentially prone to extraordinary events (exterior ground
floor columns may be subject to vehicle collision and members close to gas pipeline
network). Also critical members include key members that contribute to the overall stability
of the structure. Key members should be designed to the specific threat even for the
unanticipated extraordinary event to provide a robust design. This design method is a
specific threat method that considers the direct effect of abnormal load (pressure, impact
and deformation) by checking and designing individual elements under the effect of
abnormal loads through the normal design process.
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Some design codes provide specifications for abnormal loads, like the 34 kN/m2 pressure
load for gas explosions specified in the United Kingdom (cited in Fintel and Schultz, 1979)
to be implemented in the design. On the other hand ASCE (2005) specified load
combination at the abnormal event as shown below:
Design load = (0.9 or 1.2) (Dead load) + Ak + 0.5 (Live load) + 0.2 (Wind load)

(2.1)

where Ak stands for the forces by abnormal loads such as explosion or collision of vehicles.

In the local resistance method, it is impossible to achieve an absolute resistance of any
member to the unanticipated extraordinary event. Also, providing a large number of critical
members with local resistance and/or obtaining very large sizes of the critical members
make this method impractical in many applications (Ellingwood and Leyendecker, 1978).

1.4.3.2 Alternate load path method
In this method the local failure is tolerated while the progressive collapse is prevented by
providing alternate path to redistribute the residual loads to the other members. According
to this procedure, the design of buildings explicitly deals with the secondary effect of
abnormal loading event which considers the condition of local failure. This method is used
in the analysis and design of new and existing buildings to resist the potential progressive
collapse. In this method, global modelling and response of the building should be
implemented in the analysis considering different representative failure scenarios of the
structural members. For the analysis and design of buildings following the alternate path
method, GSA (2003) and UFC (2009) specified different representative column failure
scenarios. Also, these guidelines have recommended four analysis procedures including
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linear static, nonlinear static, linear dynamic and nonlinear dynamic as well as failure
criteria to assess progressive collapse resistance of the building structure.

1.5 Research objective and scope
The hazardous consequences of the progressive collapse of buildings due to local failure
caused by abnormal loads entail an efficient design to prevent such catastrophic events.
Very few design and retrofitting schemes are available to prevent the progressive collapse
of buildings especially for reinforced concrete buildings. Recently, progressive collapse has
become one of the imperative challenges in the structural engineering practice in which
many design codes and standards mandated considering the progressive collapse of
buildings in the design process. In this thesis, the objective is to propose a new mitigation
scheme to prevent the progressive collapse of reinforced concrete buildings in case of
column failure. The scope of this study is conducted by a finite element simulation to
investigate the viability of the proposed mitigation scheme. A special development on the
finite element model to account for special characteristics of the proposed scheme is
presented. Three dimensional models of reinforced concrete buildings are adopted. The
investigations are conducted following the alternate path method recommended in GSA
(2003) and UFC (2009) guidelines. In addition, a simplified design technique is developed
in the conjunction with proposed mitigation scheme. The developed simplified design
technique is programmed by using MATLAB 7.8.0 (2009) software. The verification
examples to demonstrate the validity of the developed simplified design technique are
conducted by comparing the obtained results from the developed design technique with the
analysis results that are obtained from the finite element simulation by utilising the general
purpose finite element program ANSYS 11.0 (2008).
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1.6 Thesis structure
In this Chapter, an introduction to the issue of the progressive collapse is presented and the
eminent cases of progressive collapse are highlighted. Also, the demands to consider the
progressive collapse are identified as well as the general approaches to reduce the risk of
the progressive collapse are discussed. The objective, scope and the outline of this thesis is
presented in this chapter. In Chapter Two, general robustness provisions to resist the
progressive collapse of buildings as well as the past studies and investigations on the
progressive collapse response of buildings with different levels of robustness are reviewed
and discussed. Also, the analysis methods utilized in the progressive collapse assessment
and the evaluation studies on these analysis methods are reviewed. The proposed mitigation
scheme to prevent the progressive collapse of reinforced concrete buildings are presented in
Chapter Three. Chapter Four identifies the adopted procedure utilized in the investigating
the viability of the proposed mitigation scheme. Also, the adopted finite element simulation
of the structure model and the analysis method are described in Chapter Four. The
applications to investigate the viability of the proposed mitigation scheme are presented in
Chapter Five which include analyses and discussions on the adopted case studies. The
simplified design technique associated with the proposed mitigation scheme is developed in
Chapter Six. In addition, verification examples to demonstrate the validity of the developed
design technique are presented in Chapter Six. Finally, Chapter Seven presents a brief
summary of this thesis and draws the conclusions and the perspectives for the future works.
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CHAPTER TWO
Literature Review

2.1 Introduction
Since the partial progressive collapse of Ronan Point building in 1968 in England, attention
on progressive collapse has been provoked in the civil engineering community. However, a
considerable attention on the progressive collapse has been shown after the partial
progressive collapse of Murrah building in 1995 and the complete progressive collapse of
the World Trade Center in 2001. The potential catastrophic consequences of progressive
collapse and the increase of the extraordinary events that lead to such a collapse increase
the demand to consider progressive collapse resistance of buildings and structures in the
design process. The attention on progressive collapse has been found through widespread
research studies, guidelines of governmental agencies and design codes and standards
(Mohamed, 2006). The earlier studies discussed the validity of the available design details
and the provisions presented by the design codes and standards at that time in the context of
the progressive collapse risk (Ferahian, 1972 and Burnett, 1975). Also, the earlier studies
included specifying and discussing the general approaches to mitigate the progressive
collapse of buildings (McGuire, 1974, Breen, 1975, Ellingwood and Leyendecker, 1978
and Fintel and Schultz, 1979).

Recently, the advances in high fidelity simulation software coupled with the development
in the computational capacity and speed of the current computers facilitated the research
16

and the investigations on the progressive collapse during the last decade. Consequently, a
series of research studies concerning progressive collapse were published in the aftermath
of the partial progressive collapse of Murrah building in 1995 and the complete progressive
collapse of the World Trade Center in 2001. Mainly these studies are categorised as: (a)
presenting and evaluating analysis methods related to progressive collapse assessments, (b)
identifying and investigating progressive collapse performance of the buildings and (c)
presenting explicit schemes to prevent the progressive collapse. In the context of the aim of
this study, this chapter briefly reviews and discusses general design provisions and the
analysis methods concerning the progressive collapse of buildings together with the past
studies that investigated the progressive collapse performance of buildings.

Section 2.2 presents a review of the alternate path analysis methods recommended in the
general guidelines and utilized in the progressive collapse investigations. The past
publications that discuss the analysis methods to provide an insight on the performance of
each analysis method are presented in Section 2.3. The general design provisions which
might reduce the risk of the progressive collapse of buildings are outlined in Section 2.4.
Then in Section 2.5, a brief review on the selected publications that investigate the
progressive collapse performance of buildings is presented and discussed. The considered
review of the past publications includes the progressive collapse performance of both steel
and reinforced concrete with different levels of robustness. In addition, the available design
proposals and schemes to mitigate the progressive collapse of buildings are highlighted in
Section 2.6. Finally a summary and conclusions are drawn in Section 2.7 of this chapter.

17

2.2 Alternate path method analysis procedures
GSA (2003) and UFC (2009) have specified and advocated utilising different analysis
procedures in the context of alternate path method. Among these procedures GSA (2003)
defined three analysis procedures that include linear elastic static, linear elastic dynamic
and nonlinear dynamic analysis methods. However, UFC (2009) have defined four analysis
methods that include linear static, nonlinear static, linear dynamic and nonlinear dynamic
analysis methods. The following subsections briefly describe the available analysis
methods to assess progressive collapse resistance following the alternate path method.

2.2.1 Linear static analysis
It is the simplest analysis procedure in which material and geometric nonlinearity as well as
the dynamic response are ignored in the analysis. The failed member is removed from the
model and gravity loads are applied statically on their locations according to their tributary
areas. For instance, GSA (2003) recommended the load combination of 2(D.L.+0.25 L.L.)
for progressive collapse analysis. The factor ‘2’ is referred to the dynamic magnification
factor.

Checking the vulnerability to progressive collapse or designing new buildings require
determining shear, axial, flexural and torsion in all structural members and comparing them
with their inherited strength using the concept of demand to capacity ratio (DCR)
recommended in the guidelines which refer to the ratio of demanded capacity to the
strength capacity. The GSA (2003) guidelines introduced the accepted value of DCR for
assessing and designing buildings as below:
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DCR <= 2 for typical buildings.
DCR <= 1.5 for atypical buildings.

In which GSA (2003) defined buildings with simple and regular layout and configuration
by a ‘typical’ buildings while an ‘atypical’ buildings are those buildings with irregular plan
or irregular configuration.

2.2.2 Nonlinear static analysis
Nonlinear static or push down method conducted considering the material nonlinearity of
the structure. In this method the gravity load or the vertical displacement is applied till the
structure reaches the maximum displacement related to the ultimate strength or till the
failure of the model. The same load combination with the same magnification factor used in
the linear static analysis are adopted. This method is considered to be more precise than
linear static regarding to material model and load redistribution because it accounts for the
flexural ductility of the structure.

2.2.3 Linear dynamic analysis
In this method the gravity loads are dynamically applied to the structure to account for the
dynamic effect of sudden failure of a structural member. Elastic model for the material is
adopted in the analysis considering the value of demand to capacity ratio (DCR) in the
evaluation. The same load combination for gravity loads without the magnification factor is
recommended in this procedure. This method is considered to be more precise than both
linear and nonlinear static analysis methods in accounting for the dynamic response which
is the main characteristics of the progressive collapse.
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2.2.4 Nonlinear dynamic analysis
This method is considered the most precise method regarding the material model,
redistribution of forces and considering the dynamic effects where both material
nonlinearity and dynamic effects are considered in the analysis. GSA (2003), UFC (2005)
and UFC (2009) introduced capacity extent values for different structural members used in
the vulnerability assessment adopted in this analysis method.

2.3 Literature involved analysis methods
Following the GSA (2003) and UFC (2005) descriptions of the analysis methods, a number
of research studies discussed advantages and disadvantages of each analysis method.
Marjanishvili (2004) discussed the advantages, disadvantages, limits and performance of
each analysis method. It was shown that the analysis methods varied from a simplest very
conservative linear analysis method to a sophisticated but most precise and realistic
nonlinear dynamic analysis method. Also, it was concluded that the most efficient analysis
is a comprehensive analysis which incorporates the advantages of all analysis methods. In
addition, it was recommended a systematic application of analysis methods increasingly
from the simplest elastic static to the most sophisticated nonlinear dynamic analysis will
provide a comprehensive analysis of progressive collapse.

Furthermore, numerical comparisons between the analysis methods were conducted by
Marjanishvili and Agnew (2006). A three dimensional simulation of a nine-storey six-bay
by three bay steel moment frame building was adopted in the comparison investigation. All
linear static, linear dynamic, nonlinear static and nonlinear dynamic analyses were
conducted following the alternate path method recommended by GSA (2003) guidelines. In
20

contrast to the previous study presented by Marjanishvili (2004), the analysis results of the
numerical investigation showed that the nonlinear dynamic analysis is easy to conduct as
well as providing the most precise solution. Also, it was shown that the linear static
analysis resulted in unconservative solution following the failure criteria of the linear static
analysis that specified by GSA (2003).

Ruth et al. (2006) evaluated the dynamic amplification factor adopted by GSA (2003) and
UFC (2005) in the equivalent progressive collapse static analysis procedure. Eleven models
of steel building frames were considered to capture the effect of different parameters on the
value of dynamic amplification factor. The building models included 2-dimensional and 3dimensional models with varying, bay dimensions, foundation constraints, number of bays,
number of storeys, members’ dimensions and the height of storeys. The evaluation study
was implemented using the computer program SAP2000. The analysis results showed that
there were no significant effects of any parameter considered in that study on the dynamic
amplification factor. Also the results showed that the amplification factor equal to 2 which
is recommended by both GSA (2003) and DOD (2005) were conservative in which all
results showed that the maximum measured amplification factor was 1.41. Consequently,
Ruth et al. (2006) suggested to use amplification factor equal to 1.5 rather than 2.

The study conducted by Kim and Kim (2009a) has demonstrated that the vertical
displacements at the top of failed column calculated by linear static analysis are smaller
than those calculated using nonlinear dynamic analysis. However, the results show that the
linear static analysis is more conservative in estimating the potential of progressive
collapse. The authors showed that many manual steps are required in linear static analysis
21

despite of its theoretical simplicity while utilising a sophisticated nonlinear dynamic
analysis has become less difficult due to the progress in computers and the facilities of the
commercial finite element software. Also, they concluded that the use of nonlinear dynamic
analysis is more precise and practical than the other analysis methods in assessing the
potential of progressive collapse of buildings. It is obvious that the results of this study are
in line with the results achieved by Marjanishvili and Agnew (2006) regarding to the
nonlinear dynamic analysis method.

On the other hand, Tsai and Lin (2008) showed different progressive collapse resistance
according to different analysis methods. It was found that adopting amplification factor
equal to 2 in the nonlinear static analysis provided high conservative results. The result was
in line with the amplification factor of 1.5 which was suggested by Ruth et al. (2006).
However, Kaewkulchai and Williamson (2003) and Kim et al. (2009a) obtained
contradicting results showing that adopting static analysis resulted in unconservative
results.

Prior to the GSA (2003) and UFC (2005) guidelines, Kaewkulchai and Williamson (2003)
studied the response of planer frame to the removal of a first floor column. Both nonlinear
static and dynamic analyses were conducted and the analysis results were compared. A two
dimensional analyses of two building models were adopted in that study. The first building
model was a two storey model with two bay steel frame while the second model was a three
storey model with three bay steel frame. Kaewkulchai and Williamson (2003) demonstrated
that the static analysis leads to an unconservative solution and they emphasized the
importance of considering the dynamic analysis in the progressive collapse investigations.
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Kaewkulchai and Williamson (2003) obtained a dynamic increase factor exceeding 3.7 for
the vertical displacement which is far exceeded the dynamic increase factor specified by the
GSA (2003) and UFC (2009) guidelines.

Kim et al. (2009a) conducted two dimensional analysis on two steel building models
investigating the dynamic effect within the progressive collapse conditions. Similar to
Kaewkulchai and Williamson (2003) study, it was shown that adopting amplification factor
equal to two in the equivalent static analysis that is recommended by the GSA (2003) and
UFC (2009) guidelines yields underestimate of members’ deformations as well as a
discrepancy in plastic hinge distribution pattern. Kim et al. (2009a) recommended utilizing
the most precise nonlinear dynamic analysis method in the progressive collapse
investigations.

Tsai and Lin (2009) evaluated the implementing of the amplification dynamic factor which
is equal to two and recommended by GSA (2003) in the progressive collapse investigation
of reinforced concrete buildings. They conducted linear static, nonlinear static and
nonlinear dynamic analyses considering three dimensional finite element modelling of an
eleven storey reinforced concrete building. Different failure scenarios of ground floor
columns were considered in the analysis. The analysis results showed that the amplification
factor is in line with the specified value (two) by the GSA (2003) when the building
responses are in the elastic range. However, the analysis results showed that amplification
factor would become less than the specified value (two) when the building responses in the
inelastic range. Also, it was found that the amplification factor decreases with increases in
the ductility demand of the building’s response.
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2.4 Robustness design provisions
Most conventional buildings designed to withstand expected loads are vulnerable to
progressive collapse triggered by local failure that result from abnormal loading events.
However, the level of progressive collapse vulnerability is varied according to the layout
and the type of the building structure, the building use and the design for seismic action.
Investigations on the collapsed buildings showed that the vulnerability of these buildings
attributed to the lack of continuity, redundancy, ductility and strength to develop an
alternate load path (Corley, 2004). Several design codes and standards specified general
strategies to mitigate the progressive collapse by incorporating particular ductility,
continuity, strength and redundancy. This section briefly describes the different progressive
collapse mitigation strategies.

2.4.1 Improving strength
The risk of progressive collapse can be reduced by strengthening structural members. In
this strategy, critical elements (columns in buildings) are strengthened or designed to
withstand extreme loads to prevent local failure that initiates the progressive collapse
(ASCE, 2005). On the other hand strengthening or designing beams with a higher
capacities will improve their bridging capabilities over the potential failed column. Also,
strengthening columns is required to improve their ability to carry additional loads
transferred from the adjacent columns. The strengthening provisions are applied to the
design of new buildings and in retrofitting existing buildings by improving shear, flexural
and axial strength as well as the robustness of joints.
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2.4.2 Improving continuity
Continuity of beams at the joints above the columns is one of the provisions emphasized by
several design codes and standards (GSA, 2003, ACI-05, 2005 and ASCE, 2005) to
enhance the progressive collapse resistance. The continuity in beams are required to
accommodate the developed double span over the failed column in which the progressive
collapse is resisted either by frame action or by catenary action (refer to Fig. 2-1). The
continuity provisions require extending bottom reinforcement of the reinforced concrete
beams to the beam column joints in reinforced concrete beams and adequate
interconnection at beam column connection in steel structures. On the other hand, a
contradicting point of view suggested that continuity in beams might lead to a horizontal
propagation of collapse to the adjacent bays (Nair, 2006, Starossek, 2007 and Starossek,
2009).

Frame action

Catenary action

Figure 2-1: Possible alternate load paths to the failed column (AISC, 2005)
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The American Concrete Institute code ACI 318 (2005) implicitly addressed provisions to
enhance building integrity by providing sufficient continuity, ductility and redundancy to
accommodate and absorb developed loads resulted from damage or failure of interior
support. ACI 318 (2005) code specifications govern enhancements on the structural
continuity which include continuing a percentage of bottom reinforcement in beams and
slabs to the support zones, adopting moment resisting frame systems, utilizing mechanical
connections rather than the splice connections and requiring greater shear capacity than
flexural capacity to ensure ductile behaviour. The Australian standards AS 3600 (2009) is
in line with ACI 318 (2005) in requiring continuity of reinforcement in beams despite it
does not address the required continuity for absorbing the interior support failure.

The Unified Facilities Criteria (UFC, 2009) presented general integrity guidelines of
structures in terms of tie forces that include providing internal and peripheral ties in both
horizontal and vertical directions. Fig. 2-2 shows the distribution of ties in frame structure
presented by UFC (2009) guidelines. These guidelines recommended using continuous
horizontal ties around peripheral boundary, extended side to side horizontal ties and lower
level to upper level vertical ties. For reinforced concrete columns adequate anchorage are
required to accomplish continuous vertical ties. These ties will help in connecting structural
members to achieve adequate integrity and help to activate catenary action in horizontal
members.
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Figure 2-2: Distribution of ties in the frame structure (UFC, 2009).

2.4.3 Improving ductility
There is a widespread perception that providing sufficient ductility to the structure can
enhance the progressive collapse resistance of that structure. This perception prompted
many researchers and practice engineers to link between the progressive collapse resistance
to the more ductile seismic details despite of the difference in failure mechanisms of both
progressive collapse and seismic events. However, it was suggested that introducing the
ductility to the structure allow both individual members response and global structure
response to accommodate large dynamic deflections with a reduced damage. The
improvement in structural resistance to the progressive collapse benefited from the
improving ductility mainly stems from two resistance mechanisms. The first one, that local
ductility of structural members allows more energy dissipation even when the extreme load
causes the failure of the individual member. The second one, that the inherit ductility in the
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adjacent members to the failed one will facilitate the load redistribution and developing the
alternate load path.

2.4.4 Improving redundancy
Improving redundancy of the structure is conducted by incorporating alternate load path
together with the conventional main load path of the building structure. Therefore, if any
structural member fails, the alternate load path involve in transferring the residual loads that
was carried through the main load path by the failed member. The improving redundancy
can be a resultant of any of the previous provisions or a combination of thereof. Extending
the bottom reinforcement in beams to the support provide alternate load path by
accommodating the load reversal in the vicinity of the failed column as shown in Fig. 2-3.
Also, providing sufficient ductility allows large deflections that are beneficial in activating
alternate load path demonstrated by catenary action in bridging beams over the failed
column.

Figure 2-3: Load reversal above the failed column (GSA, 2003 sited in El-Hacha and
Bullock, 2006).
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On the other hand, alternate path load and the structure’s redundancy can be achieved
independently by providing additional structural system like using a two way slab system
instead of a one way slab system and providing bracings in frame panels of the buildings
(ASCE, 2005 and NIST, 2007).

2.5 Progressive collapse investigations
Studies on progressive collapse can be mainly categorised as studies on modelling methods
and studies investigating the progressive collapse response of buildings as well as studies
that focused on suggestions to prevent progressive collapse. Also, the effect of the general
robustness provisions to mitigate the progressive collapse and the resistance mechanisms
were highlighted in several studies. The following subsections review the relevant studies
that considered the progressive collapse of buildings focusing on the buildings’
performance in the context of mitigation strategies.

2.5.1 Progressive collapse potential of steel buildings
A number of studies were implemented to provide sufficient understanding on the response
to the local failure of steel buildings designed with different details and robustness. The
following paragraphs briefly present selected studies which discussed moment frames
designed to withstand gravity loads, moment frames designed to withstand seismic loads,
and braced frames designed to withstand seismic loads.

The earlier progressive collapse investigations were conducted by Gross and McGuire
(1983). They developed interactive computer program methodology with graphical
facilities for the progressive collapse analysis and design. Both direct design approaches
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including the specific local resistance and alternate path method were reviewed and
discussed in conjunction with the developed methodology. In the computer program, both
geometric and material nonlinearities were considered. The computer program was utilized
in analysing a two dimensional model of four storey steel frame considering a different
scenarios of column failures in the context of the alternate path method. In the alternate
path method the building ability to absorb different column failure was investigated. In
addition, the authors had adopted the alternate path analysis approach to identify the failed
columns that lead to the progressive collapse for the purpose of specifying the local
resistance design for those columns. Gross and McGuire (1983) have demonstrated the high
sustainability to progressive collapse of the conventionally designed steel frame buildings
despite the inherited ductility of the steel structure compare to the brittle concrete and
masonry buildings.

Kim and Park (2008) investigated the progressive collapse vulnerability of steel moment
frame buildings following the failure of a ground floor column. A two dimensional finite
element modelling and both nonlinear static and dynamic analyses following the alternate
path method recommended by GSA (2003) guidelines were utilized in the investigations. A
three storey and a nine storey steel building models conventionally designed to carry only
gravity loads were considered in the investigations. In that study, the authors utilised a
plastic design procedure in redesigning the building models considering the removal of an
interior first floor column. It was shown that all members’ sizes were increased following
the plastic design and considering the removal of the interior first floor column. The
analysis results showed a high vulnerability to progressive collapse of the conventionally
designed building models. However, it was found that the progressive collapse was
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successfully prevented by adopting the plastic design with considering the removal of the
interior first floor columns. It is obvious from Kim and Park (2008) study that the failure
mechanism of the double spans developed over the failed column is resisted by increasing
the load carrying capacity of the beams over the failed column. The increase of the load
carrying capacity of beams was accomplished by increasing their strength demonstrated by
increasing members’ sizes by adopting the plastic design considering the failure of ground
floor column.

Kim and Kim (2009a) considered the potential progressive collapse of steel moment frame
buildings considering two different lateral load resisting systems. The first system consisted
of gravity load resisting frame with shear walls to resist lateral loads while the second
system consisted of gravity and lateral load resisting frames. The investigations were
conducted by implementing linear static, linear dynamic and nonlinear dynamic analysis
methods following the alternate path method recommended by GSA (2003) and UFC
(2005) guidelines. A two dimensional modelling of 3, 6 and 15 storey steel moment frame
buildings was adopted in the investigations. The analysis results showed that the steel
moment frame system that have both gravity and lateral resistances is less vulnerable to
progressive collapse than the only gravity resistance steel moment frame with shear walls.
Kim and Kim (2009a) assumed a rigid beam column joint and ignored any premature
fracture at the joints. Therefore, only the effect of members’ strength was considered in the
investigation which was demonstrated by the sizes of the structural members of the adopted
two building models. Similar to the previous study conducted by Kim and Park (2008), it is
noted that the better progressive collapse resistance of the gravity and lateral load resisting
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frame than the only gravity resistance frame stems from the increased strength of the
gravity and lateral load resisting frame building.

Khandelwal et al. (2007) investigated the ductility behaviour and the ability of developing
catenary action in a progressive collapse response of a seismically designed moment
resistance frame. A seismically designed eight storey special moment resistance frame with
reduced beam sections was considered in the investigations. A comparison with identical
moment frame building with non reduced beam sections were carried out. A nonlinear
static analysis and a finite element modelling of the subassemblages considering only
double span bridging beams located in first, fourth and seventh floors were utilized in the
investigations. The investigation results demonstrated the ductility behaviour of the
bridging beams over the removed columns for the seismically designed steel moment
frames. However, the investigation results showed that more ductility was inherited in the
reduced beam section than the traditional non reduced beam section. Furthermore, the
analysis results showed that the increase in beams’ sections and yield to ultimate strength
ratio were adversely affecting the ductility of the beams. On the other hand, the analysis
results of the adopted building model showed the ability of developing catenary action in
the bridging beams over the failed column.

Furthermore, Khandelwal et al. (2008a) evaluated the global progressive collapse
performance of steel moment frame buildings with inherited robustness accomplished from
seismic design. Two building models of ten storeys were considered in the investigations in
which the first was designed for intermediate seismic risk and the second was designed for
high seismic risk. A two-dimensional finite element modelling was adopted in the
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investigations. It was found that the ductility inherited in the seismic design and the ability
of developing catenary action of the bridging beams have less effect on the progressive
collapse mitigation. However, the improved performance in progressive collapse resistance
of the seismically designed building mainly stemmed from the improved layout of the steel
moment frames by utilizing more number as well as stronger members rather than by the
restricted seismic details.

Investigations on the effect of beam column connections on the global response of the
building structure to the column failure were conducted by Kim and Kim (2009b). They
considered the progressive collapse resistance of steel moment frames seismically designed
and detailed with different types of seismic connections. A 3-storey and a 6-storey steel
moment frames were considered in the analysis. The considered connection details were
Reduced Beam Section (RBS), Welded Cover Plated Flange (WCPF), and Welded
Unreinforced Flange-Welded Web (WUF-W). Nonlinear static and dynamic analysis
methods following the concept of alternate load path method recommended by GSA (2003)
were utilised in the investigations by adopting a two dimensional finite element simulation
of the building models. Kim and Kim (2009b) conducted both seismic and progressive
collapse analyses considering the building models in which the results were evaluated and
compared. The seismic analysis showed an efficient performance of the adopted seismic
connection details with a margin differences in results. However, progressive collapse
analysis showed different performance of the building models detailed with different
seismic connections. It was found that the Welded Cover Plate connection (WCPF)
performed better than the other connection details in resisting progressive collapse. On the
other hand, the results showed that the buildings detailed with reduced beam section (RBS)
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were more sustainable to progressive collapse than the buildings detailed with the other
connection kinds despite the high inherited ductility of the reduced beam section (RBS)
compared with the other connections. It is obvious that Kim and Kim (2009b) investigation
results were in line with Khandelwal et al. (2008a) investigation results in demonstrating
the dominant effect of improved members’ strength over the improved ductility inherited
from seismic design in preventing the progressive collapse. Also, it is evident that not all
seismic details are valid in improving the progressive collapse resistance of the steel frame
buildings.

Kim and An (2009) evaluated the developing of catenary action in steel moment frames and
its effect in mitigation of progressive collapse. Parametric investigations were conducted to
examine the effect of various parameters on developing the catenary action those include
number of storeys, number of adjacent bays and the presence of bracings. Nonlinear static
and dynamic analyses considering two dimensional modelling were adopted in the
investigations. The analysis results showed a significant increase in the progressive collapse
resistance of steel moment frame buildings in case of considering the catenary action. Also,
the analysis results showed that the effect of catenary action on progressive collapse
resistance increases with increases in number of adjacent bays and the presence of bracings.
In Kim and An (2009) study, it was assumed a sufficient ductility and strength at the plastic
hinge to develop the catenary. In contrast to the previous studies conducted by Khandelwal
et al. (2008a) and Kim and Kim (2009b), the effect of the catenary action accomplished by
sufficient ductility and strength in reducing the progressive collapse risk was evident.
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Suzuki et al. (2003) investigated the progressive collapse resistance of high rise steel
buildings subjected to column failure. Buildings under consideration included steel moment
frames with and without steel bracings that were constructed in Japan and designed to resist
seismic loads. The adopted building models in the study include moment steel frame
building without bracings, moment steel frame building with bracings in the top level,
moment steel frame building with bracings in the top level and in the core, and a super steel
moment frame building in which the bracings were arranged in the top level as well as in
the exterior bays. Different independent column failure scenarios were considered in the
analysis. The analysis results showed the improved progressive collapse resistance of all
braced frames versus the unbraced moment resisting frame. Furthermore, Wada et al.
(2006) have proposed using the seismic and wind hat bracings to improve the redundancy
of the tall steel buildings to resist the progressive collapse that resulted from the potential
column failure.

Khandelwal et al. (2008b) investigated the influence of seismic designed steel bracing
placed in the perimeter steel frame on the progressive collapse resistance. A prototype of a
10-storey seismically designed steel braced office building was evaluated in the study. Two
types of bracing configurations, special concentrically braced frames and eccentrically
braced frames were considered in the investigation. Khandelwal et al. (2008b) utilized a
two dimensional finite element model of the building frame and conducted a nonlinear
dynamic analysis following the alternate path method recommended by GSA (2003)
guidelines. The simulation results showed that the frames have benefited from both
different configurations of bracings in absorbing the removal of a perimeter ground floor
column. However, the results showed the efficiency of eccentrically braced frame in
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resisting progressive collapse versus special concentrically braced frame. Khandelwal et al.
(2008b) suggested that the enhanced progressive collapse resistance was related to
improved system layout rather than inherent ductile detailing. It is obvious that Khandelwal
et al. (2008b) study was in line with the previous conclusions of Suzuki et al. (2003) and
Wada et al. (2006) in demonstrating the effect of steel bracings in eliminating the potential
progressive collapse of steel buildings. A similar conclusion was obtained by Kim et al.
(2009b) in which preventing the progressive collapse of steel buildings by improving the
redundancy accomplished by steel bracings was evident. Kim et al. (2009b) went further by
considering different configurations of bracings including V-bracing system, V-bracing
with inverted V-bracing system, X-bracing system, K-bracing system and diagonal bracings
with different arrangements. Kim et al. (2009b) considered a 2-dimensional model and
conducted both nonlinear static and dynamic analyses by utilizing general structural
program SAP2000 in their study.

In summary, studies on the progressive collapse performance of steel buildings are
reviewed. It was shown that the conventionally designed buildings are highly prone to the
progressive collapse in case of column failure. Many of the conducted studies were focused
on seismically designed buildings. This focus was to highlight on the effect of the inherited
ductility, continuity and redundancy of the seismically designed buildings on the
progressive collapse resistance. It was shown that the improvement in the load carrying
capacity of the building members and the improved layout have the dominant influence in
mitigating the progressive collapse versus the stringent seismic details. On the other hand,
the effect of the increased redundancy was evident in eliminating the progressive collapse.
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2.5.2 Progressive collapse potential of the reinforced concrete buildings
In reinforced concrete members especially flexural members, compression stresses mainly
carried by the concrete and all the tensile stresses are carried by the steel reinforcement
because of the negligible tension capacity of the concrete. The brittle behaviour besides the
negligible tension capacity of the concrete entails big dealings on the dynamic response of
the reinforced concrete buildings which may involve moment reversal. As the progressive
collapse of buildings exerts a dynamic moment reversal phenomenon, it requires a broad
investigation and specification to mitigate the potential of progressive collapse of
reinforced concrete buildings. Several studies on the progressive collapse of buildings were
implemented considering reinforced concrete buildings. These studies include providing an
understanding of the progressive collapse mechanisms, investigating the current design
details, and presenting proper solutions to mitigate the potential of progressive collapse.
Also, studies on progressive collapse of reinforced concrete buildings went further to
include numerical and experimental investigations. The following paragraphs briefly
present some of the selected past studies.

Sucuoğlu et al. (1992) studied the response mechanisms of a 5-storey reinforced concrete
building subjected to independent loss of one, two and a set of ground floor columns. Also
the effect of brick infill walls on the progressive collapse response was evaluated. A three
dimensional static analysis was adopted in the investigations. The analysis results showed
that the majority of the load carried by the failed column were transferred to the adjacent
columns located in the orthogonal planes that the failed column belongs to. In the case of a
building without infill walls, it was found that the building was susceptible to progressive
collapse. However, it was found that the potential of progressive collapse had reduced
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when brick infill walls were considered in the analysis. On the other hand, it was shown
that the effect of slab stretching were negligible because the damaged members had
undergone small deformations.

A number of studies have investigated the progressive collapse resistance of seismically
designed reinforced concrete buildings (Baldrige and Humay, 2003, Bilow and Kamara,
2004 and Ioani et al., 2008). A 3-dimentional elastic finite element modelling and linear
static analysis following the alternate load path method recommended in the GSA (2003)
guidelines were adopted in the investigations. Different levels of seismic design of the
reinforced concrete buildings and different failure scenarios were considered in the
investigations. In these studies, it was demonstrated that seismically designed buildings
have sufficient resistance to the progressive collapse. However, it was found that buildings
designed for high seismic action perform better than those designed for low to moderate
seismic action.

The assessment of progressive collapse resistance adopted in Baldrige and Humay (2003),
Bilow and Kamara (2004) and Ioani et al. (2008) studies was in the context of demand of
capacity ratio (DCR) following the simple elastic static analysis method. In demand to
capacity ratio, the demanded strength is compared with inherited capacity of the members
without accounting for load redistribution in the inelastic ductile response modes.

Tsai and Lin (2008) considered the inelastic response of seismically designed reinforced
concrete building subjected to different scenarios of ground floor column failures. Linear
static, nonlinear static and nonlinear dynamic analysis methods in conjunction with the
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alternate path method recommended by GSA (2003) were adopted in the investigations. An
existing 11-storey reinforced concrete building which is located in Taiwan and seismically
designed according to seismic code requirements (the code was not referred to in the paper)
was considered in the investigations. The building slabs consisted of a one way and two
way slab systems. Three dimensional simulation using SAP 2000 program was
implemented in the analysis. The beams were modelled using 3-D frame elements with
localised plastic hinges at the ends to account for beam nonlinearities while the columns
were modelled using elastic frame elements. In the analysis, the imposed loads including
the slab weight were distributed on the beams according to their tributary areas. The
analysis results showed that the seismically designed building successfully absorb the
ground floor column failure despite the bridging beams over the failed column behaved
inelastically in which captured by forming of plastic hinges at the ends. On the other hand,
the analysis results showed that the columns were responding in the elastic range.

In Tsai and Lin (2008) study, ductility and load redistribution were accounted for by
implementing inelastic analysis of the building model. Consequently, the analysis results
obtained by Tsai and Lin (2008) showed the benefits of seismic design which demonstrates
improvement in redundancy, continuity and ductility in mitigating the progressive collapse
of reinforced concrete buildings. However, the independent effect of members’ strength,
continuity, ductility and redundancy were not shown.

Abruzzo et al. (2006) investigated the progressive collapse resistance of reinforced concrete
buildings that satisfied the integrity provisions and the tie force requirements recommended
by the ACI-318 (2005) design code and the Unified Facility Criteria (UFC, 2005),
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respectively. The ACI-318 (2005) integrity provisions and the UFC (2005) tie force
requirements have been recommended to mitigate the progressive collapse of reinforced
concrete buildings by improving the building continuity to bridge over the failed columns.
A typical five-storey commercial reinforced concrete building was designed in accordance
with the International Building Code (2000) to carry only gravity loads had considered in
the investigations. Also, the building was detailed to meet the ACI-318 (2005) code
integrity requirements as well as tie force requirements recommended in the Unified
Facility Criteria (UFC, 2005). Linear static analysis and nonlinear static analysis
considering a 3-dimensional simulation of the building were utilised in the investigation.
The material nonlinearity in the nonlinear analysis was modelled by adopting a plastic
hinge model at the ends of the members. Results of the analyses showed that the building
was susceptible to progressive collapse despite of meeting the integrity provisions of ACI318 (2005) and tie force requirements of UFC (2005). The nonlinear static analysis showed
that the beams experienced large plastic rotations which exceeded the section capacities
which lead to progressive collapse. Also, it was found that the capacity to bridging over the
failed column considering catenary action was significantly below the required capacity to
save the building from the progressive collapse. According to Abruzzo et al. (2006) study,
it was shown that the continuity provisions specified by the ACI-318 (2005) and the tie
force requirements recommended by UFC (2005) have failed in preventing the progressive
collapse of reinforced concrete buildings resulted from the failure of single interior column.

Sasani and Sagiroglu (2008a) discussed the ACI-318 (2005) code reinforcement continuity
requirements. These continuity requirements have been recommended to improve the
integrity of the beams by extending some of the flexural reinforcements along the beams to
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absorb the potential failure of intermediate supports (ACI-318, 2005). It was found that
premature fracture in those extended flexural reinforcement can occur even before
activating the catenary action to prevent the progressive collapse. Sasani and Sagiroglu
(2008a) study have illustrated unwarranted development of catenary action after the
flexural failure and the unwarranted structural robustness depending on the ACI-318 (2005)
continuity provisions. On the other hand, it is obvious that catenary action is a resistance
phase beyond the flexural failure in members (Izzuddin et al., 2008 and Sasani and
Kropelnicki, 2008) in which the members are severely damaged beyond the flexural failure.

Bao et al. (2008) evaluated the effect of potential inelastic response of beam column joints
on the progressive collapse resistance of reinforced concrete buildings. A simplified finite
element model of the reinforced concrete joints was utilised in the investigations. The
validity of the simplified joint model was investigated by using detailed finite element
model at the beam column joint region. Only 2-dimensional plane frame models were
considered in the simulation. Ten-storey reinforced concrete building models with floors
consisting of two way slab systems designed for low to moderate and high seismic risk
were considered in the analyses. The analysis results showed that the building designed for
high seismic risk was less vulnerable to progressive collapse than the building designed for
low to moderate seismic risk. The comparison results with the elastic joint model showed a
considerable effect of joint modelling on the progressive collapse behaviour. However, by
examining Bao et al. (2008) results, it is found that the joint response has a significant
effect on the progressive collapse results only at the very large deformations in which it
was beyond the accepted capacity values.
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Sasani et al. (2007) experimentally evaluated the progressive collapse performance of an
actual ten-storey reinforced concrete frame structure. The mechanism of load redistribution
after a sudden removal of an exterior first floor column was discussed. During the
investigations, there were no live loads and all partitions have been removed from the
building. A nonlinear dynamic analysis by utilizing three dimensional numerical simulation
was conducted. Beams’ nonlinearity was modelled by adopting plastic hinge model at the
ends of beams. The experimental and numerical results showed that the building has
absorbed the column failure and the building had not collapsed. It was found that the
bidirectional vierendeel (frame) action was the major mechanism in redistributing the loads
and saving the building from collapsing. The analysis results showed good agreement of
the numerical analysis with the experimental one.

Further experimental investigations were conducted by Sasani and Sagiroglu (2008b) who
evaluated the progressive collapse of an actual six-storey reinforced concrete frame
structure. Similar to the previous study, Sasani and Sagiroglu (2008) showed that the
bidirectional vierendeel (frame) action was the major mechanism in redistributing the loads.
Sasani et al. (2007) and Sasani and Sagiroglu (2008b) concluded that the more consistent
flexural reinforcements provide more resistance to progressive collapse.

Yi et al. (2008) experimentally investigated progressive collapse performance of a
reinforced concrete model frame. The adopted frame was a one third scale of the lower
three storeys of a prototype eight-storey reinforced concrete building designed according to
the code of China. Only three storeys and four bays plane frame of the building model was
considered in the investigations. On the other hand, a simple analytical analysis was
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conducted based on the plastic mechanism of the frame model. The experimental results
showed that the plane frame experienced three distinct phases including elastic, plastic and
catenary responses. Also, it was shown that the ultimate resistance obtained from the plastic
limit analysis was only 70% of the achieved testing capacity when the catenary action was
considered. Yi et al. (2008) concluded that adopting plastic limit design provides safe and
conservative results. Also, it was concluded that the catenary action is the alternate
resistance path beyond the flexural load path.

Hayes et al. (2005) investigated the validity of seismic strengthening schemes to mitigate
the risk of blast and progressive collapse of reinforced concrete buildings. In that study,
different seismic strengthening schemes were presented and investigated. For the
investigations, the Murrah Federal Building, which was severely damaged in a 1995 bomb
attack was considered in that study. The building was originally designed and constructed
in a non seismic region. For the strengthening schemes, the building was first evaluated for
seismic risk as if it was located in a very high seismically active region. Then three
strengthening schemes were implemented by adding new structural systems designed for
the seismic vulnerabilities and applied to the original design of the building. These
strengthening schemes were included pier-spandrel system, special reinforced concrete
moment frame, and a set of shear walls. Both pier-spandrel system and special moment
frame were applied to the street face of the building while the shear walls were applied
inside the building. In addition to these strengthening schemes the original building was
redesigned to comply with seismic provisions of the ACI 318-02 (2002). For the blast and
progressive collapse investigation, the three strengthening schemes and redesigned frame
were evaluated for the same explosion load that occurred in 1995. The analysis results
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showed that the blast and corresponding progressive collapse analyses were effectively
reduced in the cases of the pier-spandrel and special moment frame schemes, as well as in
the seismically redesigned structure. However, the analysis results showed that the internal
shear walls were ineffective in reducing the blast and progressive collapse damage. It is
obvious that the preventing the progressive collapse by implementing seismic strengthening
schemes adopted by Hayes et al. (2005) represented increasing the strength of the building
rather than enhancing the continuity and the ductility of that building.

In summary, studies which investigated the progressive collapse performance of reinforced
concrete buildings are reviewed. Similar to steel buildings, it was shown that the
conventionally designed buildings are vulnerable to the progressive collapse in case of
column failure. Also, several studies were focused on seismically designed buildings to
investigate the effect of the inherited ductility, continuity and redundancy of those
seismically designed buildings on the progressive collapse resistance. Similar to steel
buildings, it was shown that the increase in the load carrying capacity of the building
members have the dominant influence in mitigating the progressive collapse. On the other
hand, several studies were focused on the integrity provisions recommended by ACI (2005)
and UFC (2009) to mitigate the progressive collapse of reinforced concrete buildings. It
was shown that preventing the progressive collapse by adopting such provisions is
unwarranted.
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2.6 Approaches to mitigate progressive collapse
Several approaches to mitigate progressive collapse have been presented by increasing
building integrity by providing one or more of the schemes that include minimum strength,
continuity, ductility or redundancy.

Crawford (2002) had outlined different retrofitting methods to mitigate progressive collapse
of steel, reinforced concrete and masonry buildings. These methods for retrofitting steel
buildings include: (1) strengthening members by adding additional steel sections, (2) tying
the members by cables, (3) using diagonal bracing to increase redundancy, (4) using
megatrusses in different level intervals to support damaged portions and provide alternate
load paths, and (5) using side plates to strengthen the beam column joints. On the other
hand, the retrofitting schemes of the reinforced concrete buildings outlined by Crawford
(2002) include: (1) Jacketing/wrapping column to assure ductile behaviour; and (2) tying
the members by means of cables to provide additional integrity. Most of the schemes
outlined by Crawford (2002) were in line with indirect design in which have not
investigated to demonstrate the validity and applicability of these schemes.

Houghton and Karns (2001) proposed using double sided plate connection as shown in
Fig. 2-4 to increase the joint integrity by providing sufficient continuity over the potential
failed columns to reduce the risk of progressive collapse. Also Houghton and Karns (2002)
investigated the performance of the double sided plate connection in addition to the
traditional girder to column connection in which the results were evaluated and compared.
A detailed finite element model of the double span bridging beams subassemblages
considering both material and geometric nonlinearity was adopted in the investigations. For
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the traditional beam to column connection, the analysis results showed that the stress at the
connection in the vicinity of failed column exceeded the ultimate stresses which
demonstrate the mature fracture at that connection. Consequently, the building suffer the
progressive collapse resulted from column failure. However, the stresses in the vicinity of
the double sided plate connection are far less than the ultimate strength in which the
progressive collapse was successfully prevented.

Figure 2-4: Double sided plate (Houghton and Karns, 2001)

From Houghton and Karns (2001), the effect of continuity of the steel beams in reducing
the risk of the progressive collapse was shown. In this context, Houghton and Karns (2001)
have recommended using the double sided plate in mitigation the potential progressive
collapse of steel buildings. In addition, Hamberger and Whittaker (2004) suggested using
moment resisting frames instead of simple connected frames and recommended using
seismic connection details in designing the steel buildings to resist the potential progressive
collapse. It is obvious that Hamberger and Whittaker (2004) suggestion is in line with
Houghton and Karns (2001) recommendation regarding using restricted beam column
connection details.
46

Furthermore, Liu (2010) proposed two retrofitting schemes to improve the continuity of
steel bridging beams over the potential failed column. In Liu (2010) proposed schemes, the
shear connection fin plate is converted to a moment frame connection. The first scheme
comprised by welding a lapped cover plate over the beam flange and welding beam flange
and web to the column flange in addition to stiffening the column at the connection joint as
shown in Fig. 2-5(a). In the second scheme, a high strength bars are inserted through the
column flange and near the beam flange in which they are bolted to the beam webs as
shown in Fig. 2-5(b).

(a)

(b)
Figure 2-5: Connection retrofitting scheme (Liu, 2010)

Astaneh-Asl (2003) and Tan and Astaneh-Asl (2003) proposed using steel cables
horizontally placed parallel to the steel beams in the composite steel and concrete floors of
the building to reduce the potential progressive collapse by catenary action mechanism.
They proposed embedding the cables in the floor slab for the new buildings and installing
the cables underneath the slabs for retrofitting existing buildings. Fig. 2-6 depicts the use of
cables in slab members.
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Figure 2-6: Application of cables in slabs to prevent progressive collapse (Astaneh-Asl,
2003)

Experimental investigations on full scale one floor slab considering the removal of one
interior column were conducted. Three groups of ten tests were adopted in the
investigations including specimens without cables, specimens with embedded cables in
slabs and specimens with cables installed underneath the slabs. The analysis results showed
that the ability of the floor slab to bridge above the removed column was increased by
utilizing the cable system. On the other hand the analysis results showed that while the
progressive collapse was arrested by the cables systems, the points above the removed
column experience large deflections of order 0.4 m-0.6m. Astaneh-Asl (2003) claimed that
the progressive collapse of buildings can be economically and efficiently prevented by
using the horizontal cables benefited from the catenary action despite of the large deflection
above the removed column.

On the other hand, Tan and Astaneh-Asl (2003) conducted three experimental tests in
which the first represent composite steel beam with reinforced concrete deck without
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installing the cables while the second and the third tests were representing the retrofitting
with the external cables. Tan and Astaneh-Asl (2003) placed the cables parallel to the steel
beams and anchored the cables to the columns on either sides of the interior failed column.
Tan and Astaneh-Asl (2003) results were in line with results that obtained by Astaneh-Asl
(2003). The proposal of Astaneh-Asl (2003) and Tan and Astaneh-Asl (2003) are in line
with preventing the progressive collapse of composite reinforced concrete slab with steel
frames by developing catenary action over the potential failed column. The developed
catenary action achieved by enhancing the continuity by installing the horizontal cables
parallel to the beams. Further investigations were conducted by Yu et al. (2010) who
implemented finite element simulation and considered using the horizontal cables installed
underneath the composite slab for retrofitting composite floor slabs to withstand the
potential progressive collapse. The investigations included the effect of composite slab
profile, stiffness of the joints and the compression and tension strength of the concrete of
the composite slab on the performance of the retrofitting scheme. Yu et al. (2010) proposed
and demonstrated that prestressing the retrofitting cables and connecting the cables in
intermediate points as well as at the beam column joints will enhance the efficiency of
retrofitting scheme.

Mohamed (2009) proposed using steel bracings in the corner panels of reinforced concrete
buildings to mitigate the progressive collapse resulted from the potential failure of corner
column. He utilized a three dimensional simulation and linear static analysis. An eight
storey reinforced concrete building consisted of five bays in each direction and retrofitted
by steel bracings was utilized in the investigations. Steel bracings of different
configurations including inverted V-bracing, compression and tension diagonal bracings at
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the corner panels were utilised in the retrofitting scheme. The analysis results showed that
the potential progressive collapse has reduced by improving the building redundancy
accomplished by using the steel bracings. However, it was shown that members’ capacities
need to be increased regardless the improved structural redundancy by utilising a bracing
system.

The study of Mohamed (2009) represents preventing the progressive collapse of reinforced
concrete buildings by increasing the building redundancy by adding bracing in the building
frame. This scheme is in line with investigation results achieved by Suzuki et al. (2003),
Khandelwal et al. (2008b) and Kim et al. (2009b) on the role of bracings in preventing the
potential progressive collapse of steel buildings.

Orton et al. (2009) proposed using carbon fibre reinforced polymers (CFRP) in retrofitting
reinforced concrete beams with deficient continuity to bridge over the potential failed
column and reduce the risk of progressive collapse. Experimental investigations were
conducted to show the performance of using CFRP in the retrofitting scheme. Seven half
scale reinforced concrete beam specimens were considered in the investigation. Each
specimen represented two bay frame beams bridging over a removed column. The capacity
beams with discontinuous flexural reinforcement were evaluated and compared with those
retrofitted by using CFRP and those beams with continuous reinforcements. The
investigation results showed that 55% to 60% of the GSA (2003) required loads was
reached by using fiber reinforced polymers in beams without continuous bottom
reinforcements. However the capacity can be increased to 109% of the required loads by
considering catenary action. On the other hand, the investigation results showed that 50%
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of the GSA (2003) required load reached in beams designed with continuous bottom
reinforcements and could reach 108% the required load when the catenary action was
considered. Nevertheless, only 78% of the GSA (2003) required loads were reached in
beams without CFRP nor continuous bottom reinforcement when the catenary action was
considered. Orton et al. (2009) show that further layers of CFRP are required for improving
moment capacities of the bridging beams to bridge over the potential failed column. The
retrofitting scheme introduced by Orton et al. (2009) to prevent the progressive collapse of
reinforced concrete beams is in line with improving continuity of these beams by CFRP
benefited from the catenary action. Also, it was suggested to improve the strength of
members to increase their load carrying capacities.

Similar to the previous study presented by Mohamed (2009), it is obvious that the strength
of the members are required to increase together with the mitigation scheme to achieve the
required load capacity to prevent the progressive collapse. On the other hand, the mitigation
approach of Orton et al. (2009) that is based on the improving continuity to benefit from
catenary action is similar to the approach that presented by Astaneh-Asl (2003) are valid for
absorbing the failure of intermediate columns in which there is no catenary action in case of
exterior or corner column failures.

2.7 Conclusions
In summary, analysis methods following the alternate path method are outlined and a
review of the studies that discuss these analysis methods is presented. Also, the robustness
of the buildings is identified and briefly discussed. Selected studies in which investigated
the robustness of buildings to resist progressive collapse including attempts to provide
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design schemes to prevent progressive collapse are reviewed. In reviewing studies that
investigated progressive collapse of buildings, both steel and reinforced concrete buildings
are considered in which two dimensional and three dimensional numerical analyses were
included as well as some experimental studies. The following points are drawn from the
discussions presented in this chapter:
1. The nonlinear dynamic analysis method following alternate path methods provides
the most realistic representation of the progressive collapse behaviour in which it is
a nonlinear dynamic phenomenon.
2. The selected studies focused on non vulnerable buildings to progressive collapse to
investigate the resistance mechanisms to highlight on the efficient strategies to
prevent the progressive collapse of buildings. From these investigations it was
shown:
 In steel buildings, increasing strength, redundancy and continuity were the
most dominant mechanisms in increasing the progressive collapse
resistance while increasing ductility was less effective in reducing the risk
of the progressive collapse.


In reinforced concrete buildings, increasing strength was the most dominant
factor in increasing the progressive collapse resistance. On the other hand, it
was shown that the available design codes’ provisions regarding to the
continuity failed in providing the minimum resistance to the progressive
collapse.

 The inherited continuity, redundancy, ductility and increased members
strength in seismically designed building have the role in mitigation the
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progressive collapse of some seismically designed and detailed buildings. It
was obvious that different seismic schemes have different effect on resisting
the progressive collapse despite of the equivalent effect in resisting seismic
action because of the difference in resisting mechanisms of both events.
3. There are very few efficient explicit schemes for designing new buildings and for
retrofitting existing buildings to prevent the progressive collapse especially for
reinforced concrete buildings.
The following chapter presents the particular scheme to achieve the aim of this study to
prevent progressive collapse of reinforced concrete buildings. This particular scheme is a
new proposed scheme following the alternate path method and based on increasing the
redundancy of the building’s structure by incorporating additional load paths over the
potential failed column to redistribute the residual forces to the adjacent columns.
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CHAPTER THREE
Proposed Mitigation Scheme

3.1 Introduction
Structures are designed to carry all imposed loads and withstand any anticipated loads
safely as well as meeting the serviceability requirements during the life of the structure.
Typically, the structure is an assemblage of different types of structural members that
transfer the imposed loads in a way that are finally distributed on the ground. The way of
transferring loads among the structural members until they reach the ground is referred to
the load path (Taly, 2003). In designing the structure, the engineer must guarantee that the
structure can develop uninterrupted load path between the points of load action and the
supporting ground. Also, all structural members are required to have adequate strength and
stiffness to sustain the imposed loads and the corresponding generated load path. Any
failure in the structural members render the load path to be interrupted which leads to
wrecking the structural equilibrium. The progressive collapse of buildings is unequivocal
phenomenon that is triggered by the interruption in load path resulted from local failure or
missing a load carrying column. However, in redundant structures which are provided by
sufficient continuity, ductility or additional load path, the stability of the structure can be
retained even if a local failure occurs. In the following sections, structural components,
potential load paths and alternate load path demonstrated by the proposed scheme are
described.
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3.2 Ordinary building design
Fig. 3-1 illustrates a typical frame building configuration and the load path within the
building subjected to an imposed gravity load. It is intuitively that the load path display
continuous hierarchy flows in which the distributed imposed gravity loads on the roof and
floors are transferred to the beams as a line load according to their tributary areas. Then the
line loads on the beams are transferred to the columns as a point loads which in turn
transfer the point loads downward to the footings which will distribute the loads to the
supporting ground. Fig. 3-2 depicts the load flow sequence in a typical building consisting
of floors, beams and columns.

Configuration of a typical building

Load path flow under gravity loads

Figure 3-1: Building configuration and the load path under the gravity loads.
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Gravity loads

Roof or floor

Beams

Column

Footing

Figure 3-2: Load flow sequence in a typical building consisted of floors, beams and
columns.

It is obvious that the missing of a ground floor column will interrupt the continuity of the
load path which distracts the building stability. Consequently, the residual loads that are
carried by the failed column entail alternate load path within the structure to restore the
building’s stability otherwise the failure will propagate to the adjacent members until the
new equilibrium is accomplished. Fig. 3-3 illustrates the possible load path in the building
in cases of interior and exterior column failures. As shown in Fig. 3-3, a double span and
cantilever span mechanisms are generated from interior and exterior column failure,
respectively. In these cases of column failure, the alternate load paths are developed in the
beams over the failed column which bridge over the potential failed column and
redistribute the loads to the adjacent columns. However, when the developed loads in the
bridging beams are beyond their capacities, these beams will fail causing partial or
complete collapse of the associated bays. Designing the reinforced concrete beams to
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accommodate the developed double or cantilever spans require increasing the amounts of
the longitudinal reinforcement amounts or the size of the beam or increasing of both the
steel amount and the beam size. Increasing the reinforcement amount might lead to a
congestion at the joints. On the other hand, increasing the beams capacity might create
strong beam weak column frame. Also, a high continuity of the overstrength beams might
facilitate the horizontal progressive collapse to the adjacent bays to the bay in which the
failed column belong to (Nair, 2006, Starossek, 2007 and Starossek, 2009).

Failure of a middle first floor column

Failure of a corner first floor column

Figure 3-3: Possible column failures and the expected alternate load path under the gravity
loads.

In the proposed scheme, preventing progressive collapse can be achieved by increasing
building redundancy by incorporating additional load path to compensate the lack of
redundancy and redistribute residual loads that result from column failure. The following
section presents the proposed scheme and the potential load paths for different column
failure scenarios.
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3.3 The proposed mitigation scheme
In this study, the progressive collapse resistance of the building can be achieved by
increasing the structural redundancy through adding additional load path to the main
conventional load path. The new proposed scheme to prevent progressive collapse is
summarised by connecting the ends of the beams with vertical cables parallel to the
columns and hanged at the top to a braced frame placed on the top of the building which is
seated on the top of the columns. At each floor, the cable is locked above and below the
floor as shown in Fig. 3-4. Steel plates are fabricated and welded to form a seating base to
hang the beam ends by the cables as illustrated in Fig.3-4. Fig. 3-5 shows a schematic
diagram of the proposed method and the primary load path before the possible local failure.

Vertical cable

Fixing grasps

Column
section

(a)

Cables

Beams ends

Bolts

(b)

(c)

Figure 3-4: Connection details; (a) cables connection at the end of beam, (b) the hanging
seat of the beam and (c) locations of the cables with respect to the beams and the column.
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Configuration of the special design

Load path under gravity load

Figure 3-5: Building configuration with the mitigation details and the load path under the
gravity loads (the cables are connected at the end of beams for retrofitting existing
buildings).

Fig. 3-6 illustrates the potential failure of the ground floor columns and the expected
alternate load path. As illustrated in Fig. 3-6, in case of a column loss, adjacent cables will
carry the loads that were carried by such a column up to the braced frame which in turn will
redistribute the load to other columns. In the proposed scheme, the use of steel cables is to
compensate the tension deficiency of reinforced concrete columns in transferring the floor
loads upward to the hat braced steel frame.

Failure of a middle ground floor column

Failure of a corner ground floor column

Figure 3-6: Possible column failures and the expected alternate load path under the gravity
loads (the cables are connected at the end of beams for retrofitting existing buildings).
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The proposed method can be implemented for both retrofitting existing buildings and in
constructing new buildings. However, for new construction, the proposed scheme can be
conducted by embedding the vertical cables in columns and hanging them at the top to a
braced frame placed on the top of the building. The braced frame is seated on the top of the
columns. The details of cables embedded in the columns are illustrated in Fig. 3-7. In case
of a column loss, loads in the columns above the failed column reverse their direction to the
top in which the cables will carry the loads to the braced frame which in turn will
redistribute the load to the adjacent columns. Fig. 3-8 illustrates the building elevation after
installing the hat braced frame and the vertical cables.

Fig. 3-9 illustrates the load paths before and after the potential column failures. As shown
in Fig. 3-9, additional load paths are provided to increase building redundancy and
robustness which in turn can prevent the progressive collapse of the building in case of
column failure. In both cases of implementing the proposed scheme for the retrofitting
existing buildings or new designed buildings, the load flow sequence in the bay above the
potential failed column before and after the failure of the column are shown in Fig. 3-10.
Investigations to demonstrate the viability of the proposed mitigation scheme are required.
In this study, a finite element model and alternate path method procedure recommended by
GSA (2003) and UFC (2009) guidelines for analysing existing and in designing new
buildings to resist progressive collapse are adopted.
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Column section

Column’s reinforcement

Cable
Beams
ends

Ties connect the cable with the main and
transverse reinforcement of the column

Figure 3-7: The details of cables embedded in the columns (plan view).

Configuration of the special design

Load path under gravity load

Figure 3-8: Building configuration with the mitigation details and the load path under the
gravity loads (the cables are embedded in columns for designing new buildings).
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Failure of a middle ground floor column

Failure of a corner ground floor column

Figure 3-9: Possible column failures and the expected alternate load path under the gravity
loads (the cables are embedded in columns for designing new buildings).

Gravity loads

Gravity loads

Roof or floor

Roof or floor

Beams

Beams

Column

Cables

Footing

Hat braced frame

Adjacent columns

Footing
(a)

(b)

Figure 3-10: The load flow sequence in the bay above the potential failed column; (a)
before the failure of the column and (b) after the failure of the column.
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In the proposed scheme, cables are designed to carry gravity loads considering the tributary
area of the associated columns. The load combination specified by the GSA (2003) or UFC
(2009) for progressive collapse assessing of existing buildings and for designing new
buildings is adopted for the gravity loads used in designing the cables. The hat braced
frame is designed to carry the same load utilized in designing the cables considering double
span or cantilever span (see Figs. 3-6 and 3-9) developed over the failed column depending
on the location of the potential failed columns.

3.4 Summary
In summary, a new scheme is proposed to increase the resistance of reinforced concrete
frame buildings to progressive collapse in case of column failure. The proposed scheme is
based on alternate path method recommended by GSA (2003) and UFC (2009) guidelines
in which different scenarios of ground floor columns are tolerated, while spreading failure
is prevented. For the existing buildings, the proposed retrofitting scheme to prevent
progressive collapse is consisted of connecting the ends of the beams by vertical cables
parallel to the columns which are hanged at the top to a braced hat frame placed on the top
of the building. In new buildings, vertical cables are embedded in columns and hanged at
the top to the hat braced frame. In case of a column failure, cables will carry the loads that
were carried by such a column up to the hat braced frame which in turn will redistribute the
load to other columns. The next chapter presents the modelling and analysis procedures that
are adopted in the investigation to demonstrate the viability of the proposed scheme.

63

CHAPTER FOUR
Modelling and Analysis Method

4.1 Introduction
The main goal of this study is to present a new scheme to enhance the ability of reinforced
concrete frame buildings in absorbing the failure of column members by bridging over the
failed column and redistributing the residual forces to the adjacent columns. The proposed
scheme follows the alternate path direct design method recommended in ASCE (2005),
GSA (2003) and UFC (2009). This method in principal seeks alternate load path to
redistribute the residual forces to adjacent members in case there is a column failure. The
following sections describe assessment guidelines, modelling and analysis method to
investigate the viability of the proposed mitigation scheme.

4.2 Progressive collapse assessment
GSA (2003) and UFC (2009) provoked alternate path method in designing buildings to
resist the progressive collapse and specified guidelines for the alternate path method in
designing new and assessing existing federal buildings. In this study, the viability of the
proposed mitigation scheme to resist the progressive collapse of reinforced concrete
buildings resulting from the potential failure of column is investigated following the GSA
(2003) and UFC (2009) guidelines.
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GSA (2003) and UFC (2009) specify the location of columns to be removed during the
progressive collapse assessment. GSA (2003) specifies the column removal from the
ground floor as follows:
1. The column located nearest to the middle of the exterior side in the long direction.
2. The column located nearest to the middle of the exterior side in the short direction.
3. The corner column.
4. An interior column if there is an irregular public access or an interior parking.

UFC (2009) goes further by requiring investigation of columns other than the first floor
columns and specifying the removal of notional columns in the following storeys:
1. Ground floor columns.
2. Columns in the middle storey.
3. Columns directly below the roof.
4. Columns at reinforcement splices.
5. In the storey of change in column size.

On the other hand, these guidelines have specified load combination to be utilized in the
progressive collapse analysis and design. GSA (2003) recommended load combination for
the dynamic analysis equal to (D.L. + 0.25 L.L.) in which D.L. and L.L. are the dead loads
and imposed live loads, respectively. UFC (2009) recommended more severe load
combination for the dynamic analysis than that recommended by GSA (2003) in which it is
equal to (1.2 D.L. + 0.5 L.L. +0.002 Σ p) in which 0.002 Σ p is the lateral load imposed on
each floor and Σ p is the total live and dead loads imposed on the floor.
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4.3 Structural failure response
The structural members have two different significant response actions controlling the
mode of failure. These actions are deformation controlled action and force controlled action
(UFC, 2009). UFC (2009) defined deformation controlled action which refers to ductile
response of the member and the forced controlled action which refers to the brittle response
of the member. Also UFC (2009) provided classification of different failure modes
according to the type of controlling action as illustrated in Table 4-1 which can be
implemented in nonlinear analysis. According to failure mode, a specific representation
should be adopted related to each failure mode.

Table 4-1: Types of members’ failure actions (UFC, 2009).
Component

DeformationAction

Controlled

Force- Controlled Action

Moment Frames
• Beams
• Columns
• Joints
Shear Walls

Moment (M)
M
-M, V

Shear (V)
Axial load (P), V
V1
P

Braced Frames
• Braces
• Beams
• Columns
• Shear Link
Connections

P
--V
P, V, M2

-P
P
P, M
P, V, M

According to Table 4-1, flexural failure mode is a ductile deformation control failure while
shear failure in beams and columns as well as axial failure in columns are brittle force
control failures. GSA (2003) and UFC (2009) recommended using plastic hinge
representation for modelling ductile deformation control failure. On the other hand, GSA
(2003) and UFC (2009) recommended for quantifying the brittle failure (shear forces in
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beams and columns as well as axial forces in columns) by comparing the resulted forces
determined from the analytical model and the designed strength of these modes of failure.
Accordingly, when the exerted forces in the members corresponding to the brittle modes of
failure are exceeded the design capacities of these members, the failure of these members
are demonstrated.

In columns, usually there is an interaction between bending moment and the axial forces as
shown in Fig. 4-1. The previous version UFC (2005) has provided more details about
assessing the failure of the adjacent columns to the failed column than the latest version
UFC (2009). UFC (2005) specified that whenever the demanded axial force is greater than
the balanced axial force, the quantifying of the column follow the interaction diagram
shown in Fig. 4-1. However, in case of the demanded axial forces are less than the balanced
axial force, a flexural plastic hinge should be utilised at the ends of the columns to account
for flexural ductile response in the column as in the beams.

P

M

Figure 4-1: Axial force-bending moment interaction diagram in the column members.
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4.4 Finite element modelling
Finite element modelling is a widespread tool utilised in the structural analyses and
investigations. There are many research studies that have considered the building responses
to extreme loading events such as earthquakes and progressive collapse in which modelling
and analysis methodologies have been developed in the context of the finite element
procedure. Kaewkulchai and Willamson (2003) developed a beam element for the
progressive collapse analysis. Vlassis et al. (2008) developed an analysis methodology for
the progressive collapse and utilised the finite element approach. Fu (2009) developed a
finite element modelling using the general purposes finite element program ABAQUS to
investigate the progressive collapse response of high rise steel buildings. Khandelwal and
El-Tawil (2007), Khandelwal et al. (2008a) and Khandelwal et al. (2008b) developed finite
element modelling by using LS-DYNA explicit finite element software in investigating the
progressive collapse response of seismically designed steel buildings. Gierson et al. (2005)
developed a finite element program to investigate the progressive collapse of steel
buildings. Bao et al. (2008) developed a finite element modelling accounting for the beam
column joint in reinforced concrete buildings by utilising OpenSees computer program. On
the other hand, several researchers have adopted the general structural analysis program
SAP2000 in modelling and analysing typical buildings in the progressive collapse
investigations (Abruzzo et al., 2006, Marjanshvili and Agnew, 2006, Foley et al., 2008,
Tsai and Lin, 2008 and Mohamed, 2009).

In this study, the modelling is developed and the analysis is conducted by adopting the
finite element program ANSYS 11.0 (2008). The finite element modelling includes a
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modelling of the building structure that accounting for the nonlinear response of the
building. The nonlinear behaviour of the steel cables with tension only capability is
considered. The interaction between the hat braced steel frame and the reinforced concrete
building is considered. In addition the nonlinear behaviour of the reinforced concrete
column above the failed column with different compression and tension stiffnesses and
capacities is developed to capture the expecting forces reversing above the failed column.

Beams and columns are modelled using space frame elements (BEAM4) which is available
in ANSYS 11.0 (2008) elements library. The frame element (BEAM4) is a line element
with two nodes at the ends in which each node has six degrees of freedom, three
translations and three rotations. This element is defined with the cross sectional area A and
the second moment of areas IYY and IZZ about the local axes y and z, respectively as
illustrated in Fig 4-2. In addition, material properties including elastic modulus, Poison’s
ratio and mass density are defined. In the building modelling, beams and columns are
connected at nodes and the entire building is fixed at the foundation supports which
represent the boundary condition in the finite element model.

To account for cracking in reinforced concrete sections, FEMA 356 (2000) estimated the
effective stiffness of the structural members for the structural analysis as illustrated in
Table 4-2. In this study, the cross sectional area and the second moment of area of the
beams and columns are be defined following the specified values recommended by the
FEMA 356 (2000).
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Figure 4-2: Three dimensional frame element (BEAM4), ANSYS 11.0 (2008).

Table 4-2: Rigidity of the structural members (FEMA 356, 2000).
Component
Flexure
Shear
Axial
Beams-nonprestressed
0.5 Ec Ig
0.4Ec Ag
-----Beams—prestressed
Ec Ig
0.4Ec Ag
-----Columns with compression due to design
0.7 Ec Ig
0.4Ec Ag
Ec Ag
gravity loads > 0.5 Ag f’c
Columns with compression due to design
0.5 Ec Ig
0.4Ec Ag
Es As
gravity loads < 0.3 Ag f’c or with tension
Note: Ec is the elastic modulus of the concrete, Ig: is the gross second moment of area of the member
section, Ag: is the area of the member section, Es: is the elastic modulus of the steel and As: is the steel
area of the longitudinal reinforcement of the column.

The reinforced concrete columns usually have different compression and tension stiffness.
It is obvious from Table 4-2 that FEMA-356 (2000) has recommended modelling
reinforced concrete columns with compression stiffness equal to axial stiffness of the gross
concrete area and tension stiffness equal to the axial stiffness of the longitudinal reinforcing
bars of the column. Conventionally, most columns are subjected to compression forces in
which the compression stiffness is utilized in the modelling. However, it is expected that
the columns above the ground floor failed column reverse their compression response to a
tension response (Sasani et al., 2007 and Sasani and Sagiroglu, 2008b).
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In this study, a model for the columns above the potential failed column are developed by
utilising the adopted program ANSYS 11.0 (2008) in which comprises combining three
elements. The first element is a 3D elastic frame element (BEAM4) with only defined
second moment of area to account for the bending capability. The second element is a
nonlinear axial line element (LINK10) with only compression capability to account for
compression capacity of column in which the cross sectional area of the column is defined
as well as the properties of the concrete including the elastic modulus, Poison’s ratio and
density. The third element is a nonlinear axial line element (COMBIN39) with defined
tension force deflection relation of the longitudinal reinforcement bars to account for the
tension stiffness of the column. Fig. 4-3 illustrates the compound element that accounts the
nonlinear compression and tension behaviour of the reinforced concrete columns above the
failed column. Appendix A includes verification examples that demonstrate the validity of
the proposed model of the reinforced concrete columns that subjected to reverse of tension
and compression forces.

node
Elastic frame
element (BEAM4)

Axial element with only
compression stiffness
(LINK10)

Inelastic axial element with
defined load deflection
relation (COMBIN39)
node

Figure 4-3: Finite element model of columns along the potential failed column.

71

The braced frame’s members are modelled by using space frame elements (BEAM4) for
the main vertical and main horizontal members and using line elements (LINK8) for the
diagonal bracings. A cross sectional area A and the second moment of areas IYY and IZZ
about the local axes y and z, respectively are defined for the elements (BEAM4) based on
the characteristics of the utilised structural section while only cross sectional area A is
required for defining the elements (LINK8). In addition, material properties including
elastic modulus, Poison’s ratio and mass density are defined for both the elements
(BEAM4) and (LINK8). Fig.4-4 illustrates the adopted configuration of the hat braced
frame in this study and members that comprised it.

Bracings

Horizontal
members

Vertical
members

Figure 4-4: Configuration of the adopted steel hat braced fame.

On the other hand, cables are modelled with nonlinear axial elements with only tension
capability (LINK10) in which only cross sectional area A of the cable is required for
defining the elements (LINK10) as well as the material properties of the utilised cables
including elastic modulus, Poison’s ratio and mass density.

4.5 Material nonlinearity of the structure
To model the nonlinear behaviour of the frame building, FEMA-356 (2000), GSA (2003),
UFC (2005), and UFC (2009) recommended using localized plastic hinges at the ends of
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beams and columns to account for members’ nonlinearities. The plastic hinge model was
frequently utilized to capture the inelastic response of steel and reinforced concrete
buildings in many nonlinear analyses including seismic investigations (Kabeyasawa et al.,
1983, Memari et al., 2000, and Proença et al., 2004) and progressive collapse analysis for
both steel buildings (Marjanishvili and Angew, 2006, Bae et al., 2008, Kim and Park, 2008,
and Kim and Kim, 2009a) and reinforced concrete buildings (Abrruzzo et al., 2006, Sasani
et al., 2007, Sasani and Sagiroglu, 2008a, Sasani, 2008, and Tsai and Lin, 2008).

Rotational spring elements (COMBIN39) that is available in ANSYS 11.0 (2008) elements’
library are adopted in this study in which they are inserted at the ends of the beams. Fig. 4-5
depicts the inelastic simulation of the members by lumping the nonlinear rotational springs
at the ends of an elastic element. The characteristics of the rotational springs are determined
using section analysis procedure specified by Park and Pouly (1975). The adopted momentrotation curve accounting for positive and negative flexural capacities is shown in Fig 4-6.
Based on bottom and top longitudinal reinforcement and material properties of both
concrete and steel reinforcement, both positive and negative yield and ultimate moment
capacities and their associated rotations can be calculated.

Nonlinear
rotational spring
Elastic element

Figure 4-5: Finite element modelling of beam.
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Mu
My

-θ u

-θ y
θy

θu

-My
-Mu

Figure 4-6: Rotational spring properties used in modelling plastic hinge
in the finite element procedure.

At the same points where the rotational springs are located, translational axial and vertical
springs are inserted to accommodate the axial and shear forces at the locations of the
potential plastic hinges. A brittle characteristic of the shear failure in beams require only
comparing the resulted shear forces with shear capacity at that section in which high
stiffness for the vertical spring is utilized at the vicinity of rotational plastic hinge. The
shear capacity in any section according to the Australian Standards (AS3600, 2009) is equal
to (V* = ø Vc + ø Vs) in which ø is the shear reduction factor given in AS3600 (2009), Vc
and Vs is the shear strength without the shear reinforcement and the shear strength provided
by the shear reinforcements, respectively. The values of Vc and Vs are determined
according to the Australian Standards (AS3600, 2009)

4.6 Section analysis
Section analysis is conducted to model members’ inelasticity by nonlinear springs that
capture the potential plastic hinges at the critical sections. Based on bottom and top
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longitudinal reinforcement and material properties of both concrete and steel reinforcement,
both positive and negative yield and ultimate moment capacities and their associated
rotations can be calculated. The following subsections illustrate the adopted procedure in
section analysis.

4.6.1 Yield and ultimate moments
By using strain and stress relations of the concrete and reinforcing steel, the strains and
forces distribution within the member section are defined. The stress strain relation of the
concrete is illustrated in Fig. 4-7. It is shown that the stress strain relationship of the
concrete consists of ascending and descending parts. The ascending part of the stress strain
relationship is governed by the equation (MacGregor and Wight, 2005):

f c  f c"[


2 c
 ( c )2 ]
o
o

(4.1)

''

Where, fc is the concrete stress, f c is the peak concrete stress in the beam which is equal to
0.9 f c' in which f c' is the concrete strength of the test cylinder; εc is the concrete strain, o
''

is the concrete strain corresponding to the peak concrete stress ( f c ) that given by the
relation (MacGregor and Wight, 2005):

 o  1.8 f c" / E c

(4.2)

Where, Ec is the elastic modulus of the concrete.

On the other hand, the descending part of the stress strain relation of the concrete is
illustrated in Fig. 4-7.
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Figure 4-7: The adopted stress strain relation of concrete (MacGregor and Wight, 2005).

The stress strain relation of the steel reinforcing is assumed elastic perfectly plastic as
illustrated in Fig. 4-8 in which fs is the steel stress, fsy is the yield strength of the steel and s
is the steel strain.

fs
fsy

s

0.0025

Figure 4-8: Material properties of reinforcement (assuming simple elastic perfectly plastic
stress-strain relation).
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Fig. 4-9 depicts the strains and forces distribution within the member section. Referring to
Fig. 4-9, the yield moment My is associated with the first yield of tension reinforcing steel
bars in which it yields at strain  s  0.0025 . For that yield strain of the steel bars, the yield

moment is calculated by implementing the trial and error procedure using the following
equations (in which Cs: is the steel compression force, Cc: is the concrete compression force
and T: is the steel tension force):
M   f c'' b d n (d  d n )  A s' f sy

dn  d'
(d  d ' )
d  dn

(4.3)

Where;
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f c d c

d
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(  1)
c

(4.5)

(4.6)

In which; As: area of tension reinforcement, A s' : area of compression reinforcement, b: web
width of the beam, d: distance from the centroid of the tension reinforcement to the extreme
compression fibre, d’: distance from the centroid of the compression reinforcement to the
extreme compression fibre and dn: distance from the neutral axis (zero stress axis) to the
extreme compression fibre.
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Cc =  f c" b d n
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d
s

T = As f s

Strains

forces

Figure 4-9: Distribution of strains and forces in the beam section.

A trial and error procedure is adopted to find the values of dn,  and  . First, determining
dn from Equation (4.6) by assuming a value of  c and using constant value of
s  0.0025 related to yielding of tension reinforcing bars. Secondly, by using the same
assumed value of  c to determine the value of  from Equation (4.4). Then the
determined values of dn and  are substituted in the following equilibrium Equation (4.7):

 f c'' b d n  A s'

dn  d'
f sy  A s f s
d  dn

(4.7)

The three previous steps will be repeated until Equation (4.7) is satisfied, and then  will
be calculated. By substituting the determined parameters (α, γ and dn) in Equation (4.3), the
yield moment will be determined.
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The ultimate moment Mu is associated to crushing of the extreme concrete fibre in which it
crushed at strain  c  0.0038 . The values of α and γ corresponding to the ultimate concrete
crash strain (  c  0.0038 ) are determined by adopting Equations 4.4 and 4.5, respectively.
A trial and error procedure is adopted to find the value of dn that satisfy Equation 4.7. The
substitute the obtained value of dn, α and γ in Equation 4.3 to calculate the ultimate moment.

4.6.2 Yield and ultimate rotations
The yield rotation  y and ultimate rotation  u are calculated based on the yield curvature

 y and ultimate curvature  u in which they are determined using the following equations:
y 

f sy / E s

(4.8)

d  dn

and ;

u 

c max
dn

(4.9)

Then the associated rotations are determined using the following equations:

y 

M yl

(4.10)

6EI

The yield rotations at the ends of beam are based on assumed double curvature condition of
beam shown in Fig. 4-10.

 

Ml
6EI

 

Figure 4-10: Double curvature in a member and associated end rotations.
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(4.11)

6

The ultimate rotation at a section is calculated using the following equation:

u   y  p

(4.12)

In which  p is the plastic rotation at that section that equals to p  (u   y )l p . Where l p

is the plastic hinge length which is assumed equal to half the depth of the beam.

4.7 Cable connection points
4.7.1 Connection with the building members
In the finite element modelling, the cables connected at the node points of the building
model. Connecting the cables for the case of retrofitting existing buildings is illustrated in
Fig. 4-11.

Cable element

Rotational
spring

Column element
Beam element

Nodes

Figure 4-11: Location of cables with respect to beams and columns and the finite element
modelling, exterior cables.
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Fig. 4-12 illustrates the case of cables imbedded in the columns for the new buildings. For
the case of new buildings in which the cables are embedded in the columns, the cable
connection can be conducted in two models. The first model conducted by lumping the
cable elements with the column elements as illustrated in Fig. 4-12(a). The second model is
similar to that adopted for retrofitting of existing buildings but the cables are connected to
the nodes placed within the column dimensions as shown in Fig. 4-12(b).

Cable element
Lumped with the
column element

Column
section

Beams
ends

Column element
Beam element

Cable

Rotational
spring

Node

(a) Case of interior cables (model 1)

Column element
Column
section

Cable element

Beams
ends

Cable

Beam element

Rotational
spring
Nodes

(b) Case of interior cables (model 2)

Figure 4-12: Location of cables with respect to beams and columns and the finite element
modelling (embedded cables in the columns).
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4.7.2 Connection to the braced frame
In this study, it is proposed that the hat braced frame is seated at the top of the columns.
The concrete columns are responsible for transferring gravity loads to the foundations. The
braced frame is jointed at the top of the building to prevent lateral movement. As the braced
frame is seated on the columns, the residual forces resulting from column failure are
transferred in tension through the cables upwards to the braced frame. Then the braced
frame redistributes the residual forces to the adjacent columns as compression forces. To
model a braced frame that is seated on the columns, the contact nodes of the braced frame
are connected to the top column nodes through gap elements that only allow transferring
compression forces and release tension forces. In this study, the gap elements are modelled
by nonlinear axial spring elements (LINK10) with only compression capability. However,
the lateral movement are prevented by utilising lateral linear springs (LINK8) with high
stiffness. In addition, rigid beam elements are used to connect the cable nodes to the braced
column nodes to allow for transferring the loads from cable to the braced frame. The
connection point of the braced frame to the columns and the braced frame to cables are
illustrated in Fig. 4-13.
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3D Frame Elements
(Main Frame Members)

Truss Elements
(Bracing Members)

The same node at the bottom of the
braced frame

Rigid beam
element

Gap Element

3-D Frame Elements
(Beam and Column
members)

Cable Elements
(Cables)

Figure 4-13: Modelling details of the connection point between the braced frame and the
top of the building.

4.8 Dynamic progressive collapse analysis
The dynamic analysis is carried out considering the column sudden failure. The sudden
failure of column is conducted by replacing the potential failed column by equivalent
opposite point column forces at the top of the column, applying gravity loads gradually
accompanied by column forces. The second step is conducted by keeping gravity loads and
column forces for a certain time and then the column forces are released suddenly as shown
in Fig. 4-14, where w and p represent the building gravity loads and equivalent column
forces respectively. In this study the gravity loads accompanied with the equivalent column
forces are ramped to their full amount during 0.5 second and kept stable for another 0.5
second to avoid dynamic effect at this stage. Then column forces are removed suddenly and
the time history is recorded for additional 2.5 seconds. A Newmark β method is used in the
analysis (Bathe, 1996).
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w

Load

p
w

Time

p

Figure 4-14: Applying loads for dynamic analysis procedure.

The dynamic analysis in the progressive collapse investigations comprises three stages of
analyses that include static, modal, and transient analyses. The following subsections
present these stages with the explanation of the role of each stage in the dynamic
progressive collapse analysis method.

4.8.1 Static analysis
In this step, the building model is statically evaluated under the effect of gravity loads and
without removing the notion failed column. The combination of the gravity load used in
this step is the same load combination recommended in GSA (2003) for dynamic analysis
without the magnification factor:
Load combination = D.L. + 0.25 L.L.
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(4.13)

Then the resulted forces; axial p, shear v and bending moment m in the notion columns to
be removed in the progressive collapse evaluation can be calculated in this first step of
analysis so that they can be used in the transient analysis stages.

4.8.2 Modal analysis
In this step, the natural frequencies and their associated mode shapes are determined from
solving the free undamped vibration equation of the building model considering the
removal of the potential failed column. The frequency period of the first natural frequency
corresponding to the mode shape that associated to the removal of the potential failed
column are calculated to determine the required value of time step so that it is applied in the
transient analysis. The free undamped vibration equation has the following form:

..

[M]{U}  [K]{U}  0

(4.14)

..
where [M] and [K] are the mass and stiffness matrices respectively; {U} and {U} are the
acceleration and displacement vectors of the finite element assemblage. Regarding to the
mass matrix in the dynamic analysis, a lumped mass matrix is adopted in this research.

It is assumed in multi-degree of freedom that the free vibration motion of masses is a
simple harmonic motion (Chopra, 2001), thus:

_

{U}  {U} sin ω(t - t o )
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(4.15)

_

where {U} is a vector of amplitude motions, t is the time variable, to is a time constant and
ω is a constant identified to represent the frequency of vibration (rad/sec).

Substitution Equation (4.15) in Equation (4.14), omitting similar terms in the both side of
the resulted equation yields the form:
_

[[K]  ω 2 [M]]{U}  {0}

(4.16)

which for general case is set of N homogeneous algebraic system of linear equations with N
_

unknown displacements U i and unknown parameters ω 2 i . It is nontrivial solution, that is,
_

_

the solution for which not all U i =0, requires that the determinant of matrix factor {U} be
equal to zero; in this case,

[K]  ω 2 [M]  0

(4.17)

In general, the above equation results a polynomial equation of degree N in ω 2 i . This
polynomial is known as a characteristic equation of the system. The N roots of this
polynomial which are called the eigenvalues that represent the circular natural frequencies
ωi (rad/sec) of the N modes of vibration which are possible in the system (Chopra, 2001).

The frequency period (Tf) in seconds per cycle which is necessary to compute the time
steps in the dynamic analysis equals to:
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Tf 

1
f

(4.18)

In which f= ω/(2π): is the natural frequency in cycles per second.

4.8.3 Transient analysis
In the transient analysis, the equilibrium equation that govern the dynamic response of a
system is;

..
.
[M]{U}  [C]{U}  (f{U})  {P(t)}

(4.19)

where [M] and [C] are the mass and damping matrices respectively; (f{U}) is the resisting
force which is equal to [K]{U} for a linear system in which [K] is the stiffness matrix;
..
.
{U} , {U} and {U} are the acceleration, velocity and displacement vectors of the finite
element assemblage; and {P(t)} is the applied forces vector.

In the dynamic analysis of a structural system, damping represents the dissipating of the
exciting energy of that structural system. As mentioned earlier, the progressive collapse is a
dynamic phenomenon that initiated by a sudden failure of a structural member. The sudden
failure of a structural member render the building structure exposed to impact energy
resulted from the sudden residual forces that were carried by the failed member.
Consequently, the impact energy will excite the building structure until this impact energy
is dissipated by means of damping and the building structure reaches to the final steady
deformation.
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Usually, damping in the building structure includes different mechanisms and often more
than one mechanism is incorporated instantaneously. These mechanisms include thermal
effect of periodically repeated of the elastic strains, friction in the deformed solids, opining
and interlocking of the cracks in concrete, friction between the structural and non-structural
members and the inelastic force deformation hysterics loop (Chopra 2001). However,
damping unlike the stiffness in which can not be calculated based on the structural
members dimensions and material properties. Also, the damping comprises the effect of
structural and non-structural members that can not be calculated individually to determine
the cumulative effect. In seismic analysis, the damping effect that account for all
dissipating mechanisms can be practically estimated based on the previous records of the
vibration response of different structures during the earthquakes. The values of damping
ratios that recommended in the seismic analysis are 3% and 7% for unreinforced and
reinforced masonry structures, respectively, while that recommended for the most building
structures is 5% (Chopra 2001).

In the progressive collapse analysis the value of damping ratio equal to 5% is periodically
adopted in the investigations and research (Marjanshvili and Agnew , 2006, Bao et al.,
2008, Khandelwal et al., 2008, Kim and Kim, 2009, Kim and Park, 2008, Sasani and
Sagiroglu, 2008 and Tsai and Lin, 2008). In this study, the same value of the damping ratio
5% that utilized in the previous studies in conjunction with Rayleigh damping concept is
adopted in the analysis which has the form (cited in Chopra, 2001):

[C]  a o [M]  a 1 [K]
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(4.20)

The parameters a o and a1 can be calculated considering the damping ratio ( ζ i =5%) and the
natural frequencies (ωi) associated with the removal of potential failed column and using
the following equation:
a o  a 1 ωi2  2 ωi ζ i

(4.21)

ωi  2 πf i

(4.22)

In which;

As shown in the section 4.8.2, the natural frequencies (ωi) are determined by implementing
the modal analysis by considering the removal of the failed column. In this research only a
mass proportional damping following the first mode shape associated with the removal of
the potential failed column is adopted. Accordingly Rayleigh equation becomes(Chopra,
2001):
[C]  a o [M]

(4.23)

And the parameter a o can be calculated by eliminating equation to be:
a o  2 ω1ζ1

(4.24)

The numerical Newmark’s integration method is considered the most effective numerical
integration method for solving the differential equations governing the dynamic responses
of systems (Chopra, 2001). In this study, the Newmark’s integration method is adopted in
the transient analysis by utilising the general purposes finite element program ANSYS 11.0
(2008). Newmark have presented an incremental solution of the dynamic equilibrium
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equation which employed for determining the velocity and displacement at time
t  Δt (cited in Chopra, 2001):

.
.
..
.
{ u t Δt }  {u t }  [(1  δ) u t  δ{ u t Δt }]Δt

(4.25)

.
..
..
{u t Δt }  {u t }  {u t }Δt  [( 12  β){u t }  β{u t Δt }]Δt

(4.26)

where  and β are Newmark’s parameters which indicate how much acceleration of an
interval enters into the relations for velocity and displacement at the end of that interval.
Newmark proposed that the unconditionally stable solution occurs in the case of   0.5

β  0.25 in which they are adopted in this study. For a stable analysis in the

and

Newmark’s direct integration, it was suggested to use time integration step (∆t) equal to
0.1Tf (Bathe, 1996) which is adopted in this study. The Newmark’s integration method is
utilized in conjunction with Newton Raphson’s method for solving the nonlinear equations
(Chopra, 2001 and ANSYS 11.0, 2008).

4.9 Assumptions and limitations:
Several assumptions related to the modelling have been implemented in this research as
follows:



Stiffness of slabs is not considered in the model while the slabs’ weight is
distributed on the supporting beams according to the tributary areas. This
assumption provides conservative results. Also, the effect of the slab membrane is
neglected in which the failure occur at small deflections (Sucuoğlu et al. ,1992).
90



Columns are considered fixed to the foundation as the soil structure interaction is
not considered in the analysis and the foundation is assumed to have sufficient
capacity.



The inelastic effect of the beam column joint is ignored in which it was found that
the joint response have a negligible effect on the progressive collapse results within
the capacity limits (Bao et al., 2008).

4.10 Summary
In summary, modelling and analysis methods have been specified in this chapter. The
building structure is modelled by utilising a general purpose finite element program
ANSYS 11.0 (2008). The finite element model is developed to consider the proposed
scheme. Different structural member’s elements have been specified. A model for the
columns above the potential failed column is presented. Also the interaction model between
the hat braced frame and the building is introduced. In regard to the analysis method, a
nonlinear dynamic analysis method following the alternate path method recommended in
GSA (2003) guidelines is adopted. The dynamic analysis procedure is specified considering
the sudden removal of the potential failed column. Applications of the modelling procedure
and the analysis method on the progressive collapse response are implemented to
investigate the viability of the proposed mitigation scheme in preventing the progressive
collapse of reinforced concrete buildings. These applications and investigations are
presented in the following chapter.
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CHAPTER FIVE
Analysis and Results

5.1 Introduction
This chapter investigates and discusses the viability of the proposed mitigation scheme to
prevent the progressive collapse of reinforced concrete buildings. In the investigation,
reinforced concrete frame buildings conventionally designed according to the Australian
standard AS 3600 (2009) are adopted. The investigation is conducted by implementing the
developed finite element modelling and the nonlinear dynamic analysis method that are
presented in Chapter four by utilising the finite element program ANSYS 11.0 (2008). In
order to demonstrate the viability of the proposed mitigation scheme, the progressive
collapse performance of a conventional designed building without and with applying the
mitigation scheme is investigated and the results are compared and evaluated.

Section 5.2 investigates the progressive collapse performance of a conventional 10-storey
reinforced concrete frame building without considering the proposed mitigation scheme.
Then the proposed mitigation scheme is utilized for retrofitting the same considered
conventional 10-storey building and the progressive collapse performance of the retrofitted
building is investigated and discussed in Section 5.3. In Section 5.4, the performance of a
new building upgraded by the mitigation scheme in which the cables are embedded in the
columns is investigated. Section 5.5 considers 15-storey and 20-storey buildings as well as
10-storey building upgraded by the proposed scheme. Also, investigations in Section 5.5
include an evaluation of the effect of the cable stiffness on the efficiency of the proposed
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mitigation scheme. The following sections include the description, analysis and discussion
of the considered investigations followed by conclusions achieved from the analysis results.

5.2 Progressive collapse of conventional building
5.2.1 Building description and modelling
A ten-storey reinforced concrete frame building designed according to the Australian
design standards AS 3600 (2009) to carry gravity loads is considered in the investigations.
This building consists of four longitudinal bays by four transverse bays of 6.5 m centre-tocentre span length in both directions. Fig. 5-1 shows a typical plan of this building. The
height of the ground storey is 5.0 m and that of the other storeys is 3.0 m. The floor slabs
are two way slab systems. The thickness of the floor slabs is 0.18 m and the total depth and
width of all beams are equal to 0.6 m and 0.30 m, respectively.

1

2

3

4

5

A

4 @ 6.5 m c/c

B

C

D

E
4 @ 6.5 m c/c

Figure 5-1: Plan view of the considered building.
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Material properties of the structure are: yield strength of reinforcement bars fsy = 500 MPa,
compressive strength of concrete f c' = 32 MPa, Young’s modulus of steel Es =200 GPa and
for concrete Ec =30.1 GPa. The designed imposed live load is 3 kN/m2. In addition to the
self weight of the slabs, an assumed wall and partitions dead load of 1.5 kN/m2 and an
imposed dead load of 1.15 kN/m2 accounting for floor finishing, ceilings, and mechanical
utilities are considered in the design of the building. Also, an assumed exterior brick walls
with a dead load of 11.4 kN/m is considered in the design of the perimeter beams.

In designing the beams for flexure, the Australian Standard (AS 3600, 2009) require that
one quarter the top reinforcement but not less than two bars continue along the length of the
beam. Also, the Australian Standard (AS 3600, 2009) require that one half and one quarter
of the bottom reinforcement but not less than two bars continue to the exterior support and
interior support, respectively. These reinforcement continuity requirements are in line with
the ACI 318 (2005) continuity requirements to restore the integrity of the structure in case
of the failure of an interior support. In this study, the continuity requirements of the AS
3600 (2009) are satisfied. The reinforcement details of the beam members are illustrated in
Fig. 5-2.

The columns are designed to have identical dimensions, concrete properties and reinforcing
details for all interior and exterior columns. The columns design details are given in Table
5-1. The moment rotation relations of the nonlinear rotational springs that represent the
potential plastic hinges at the ends of the beams are estimated following the section analysis
procedure described in Chapter four. The values of the moment rotation relations for both
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exterior and interior beams are given in Table 5-2. The finite element modelling of the
building structure is illustrated in Fig. 5-3.

N 12 @ 300 mm c/c

A

B

C

A

B

C

N 12 @ 300 mm c/c
4 N16

2 N16
180 mm

600 mm
2 N16

4 N16
300 mm

Section A-A and section C-C

Section B-B

(a) Exterior beams

N 12 @ 300 mm c/c
2 N20

3 N20

180 mm
600 mm

4 N16

2 N16

300 mm

Section A-A and section C-C

Section B-B

(b) Interior beams

Figure 5-2: Reinforcement details in beams.
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Table 5-1: Details of the building’s columns.

f c' (MPa)

ties

600x600

Main
reinforcement
16N28

40

600x600

8N28

32

N 10 @ 400 mm
centre to centre

Storeys

Dimensions (mm)

ground-4th
th

th

5 -9

Table 5-2: Moment rotations values of the plastic hinges in exterior and interior beams
(refer to Fig. 4-6).
Exterior beams

Interior beams

Moment (N. M)
-21059.6
-21059.6
-210596

Rotation (rad)
-0.5
-0.025
-0.024

Moment (N. M)
-24201.9
-24201.9
-242019

Rotation (rad)
-0.5
-0.023
-0.022

-202939
0
+103731

-0.0058
0
+0.0053

-233560
0
+103317

-0.006
0
+0.0053

+115364
+11536.4
+11536.4

+0.046
+0.047
+0.5

+116043
+11604.3
+11604.3

+0.046
+0.047
+0.5

Figure 5-3: Elevation and three dimensional view of the finite element modelling by
ANSYS 11.0 (2008) for building without the retrofitting scheme.
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In the investigations, three independent failure scenarios are considered and the
vulnerability of the building to the progressive collapse is assessed. Table 5-3 illustrates the
considered scenarios in the investigations.

Table 5-3: The adopted scenarios of column failures.
Failure
scenario
Case I
Case II
Case III

Potential column failure (see Fig. 6-1)
Failure of ground floor Column D2
Failure of ground floor Column E2
Failure of ground floor Column E1

5.2.2 Response of the building to the column failure
The sudden removal of the ground floor column causes downward deflections at the points
in the floors above the failed columns. Figs. 5-4 to 5-6 show the deformed shape of the
building models following the removal of the ground floor Columns D2, E1 and E2
corresponding to the independent failure Cases I, II and III, respectively (see Fig. 5-1).
Also, Figs. 5-4 to 5-6 show the time history of the downward deflections of the points in
the first floor above the considered failed columns. The analysis results show that the
deflections increased dramatically in all cases of column failures of the considered building
model (counting vertical deflections stopped at one metre which substantially exceeded the
ultimate deflection).

It is obvious that these vertical deflections have far exceeded the ultimate deflections
0.1298 m and 0.1416 associated with ultimate rotations (0.022 rad) and (0.024) at the ends
of the interior and exterior bridging beams, respectively. Also, the developed vertical
deflections have far exceeded the limits of the deflection (0.619 m) associated with the
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limit rotation (0.105 rad) specified by the GSA (2003). These results indicate that the
ultimate and the limit rotations at the ends of the beams have far exceeded which
demonstrates the failure of the beams on either side of the failed columns. Furthermore, the
failure of the beams on either side of the failed columns resulted in the progressive collapse
of the corresponding bays in all storeys above the failed columns in the adopted building

Deflection (m)

model following the considered column failure scenarios (see Fig. 5-4 to 5-6).

Time (sec)

(a) The deformed shape of the building.

(b) The vertical deflection at the point in the
first floor above the failed column.

Figure 5-4: The response of the 10-storey building to the failure of the ground floor
Column D2, the building without retrofitting scheme.
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Deflection (m)

Time (sec)

(a) The deformed shape of the building.

(b) The vertical deflection at the point in the
first floor above the failed column.

Deflection (m)

Figure 5-5: The response of the 10-storey building to the failure of the ground floor
Column E2, the building without retrofitting scheme.

Time (sec)

(a) The deformed shape of the building.

(b) The vertical deflection at the point in the
first floor above the failed column.

Figure 5-6: The response of the 10-storey building to the failure of the ground floor
Column E1, the building without retrofitting scheme.
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It is obvious that the adopted building model failed to accommodate the different
independent failure scenarios of the first floor columns despite that the continuity
requirements of the AS 3600 (2009) were satisfied as well as were meeting the integrity
requirements of ACI 318 (2005). It is obvious that the obtained results are in line with
results achieved by Abrozu et al. (2006) about the failure of ACI 318 (2005) code integrity
requirements in mitigating the progressive collapse of the reinforced concrete moment
frame buildings. Consequently, the risk of the progressive collapse caused by the potential
column failure in the reinforced concrete buildings conventionally designed according to
the AS 3600 (2009) is demonstrated. Therefore, an efficient retrofitting scheme to resist the
potential progressive collapse is demanded. The following sections are including
investigations and discussions considering the proposed mitigation scheme to prevent the
progressive collapse of the same conventional reinforced concrete building.
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5.3 Building retrofitted by the proposed scheme
5.3.1 Building description and modelling
For comparison purposes, the same building model adopted in the previous case study
which is specified in Section 5.2 is considered in the investigation. The retrofitting scheme
proposed in this study is applied to the building model to investigate the viability of the
proposed mitigation scheme in preventing the progressive collapse that resulted from the
potential failure of the first floor column. The proposed retrofitting scheme has been
described in Chapter three of this thesis. The configuration of the hat braced frame utilized
in the mitigation scheme is shown in Fig. 5-7. The finite element model of the building
retrofitted by the proposed mitigation scheme is shown in Fig. 5-8.

The steel sections for the hat braced frame are designed following the Australian standard
(AS 4100, 1998). All vertical, horizontal frame members and inclined bracing are designed
by utilising similar steel section ST 310 UC 118 (AS/NZS 3679.1, 2010). The cables that
are utilised in the retrofitting scheme are designed to carry the gravity loads considering the
tributary area of the corresponding columns. The designed cables are of 36 mm diameter
having minimum breaking force of 1150 kN, nominal area of 789 mm2 and Es =166 GPa
(AS 2841, 2005). These cables are installed on either side at the ends of the building’s
beams. Three independent ground floor column failures are adopted in the investigation.
The adopted three independent failure scenarios are given in Table 5-3. In the investigation,
the load combinations specified in both GSA (2003) and UFC (2009) guidelines for
progressive collapse assessments are adopted. The load combinations specified in both
GSA (2003) and UFC (2009) guidelines have been presented in Chapter four.
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8 panel @ 3.25 m
3.25 m

Bracings

Horizontal
members

Vertical
members

(a) Elevation view.

(b) Three dimensional view.

Figure 5-7: Configuration of the adopted hat braced frame.

Figure 5-8: Elevation and three dimensional finite element view of the building with the
retrofitting scheme.
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5.3.2 Building response to the column failure
Fig. 5-9 shows the deformed shapes of the building following the removal of the ground
floor Columns D2, E1 and E2 corresponding to the independent failure Cases I, II and III,
respectively (see Fig. 5-1). Figs. 5-10 to 5-12 show the time history of the downward
deflections of the points in the first floor and the roof above the considered removed
columns. It is obvious from Figs. 5-10 to 5-12 that the deflections in the first floor are
significantly larger than those in the roof above the failed column in which the floors’
deflections increase from the minimum value at the roof to the maximum value in the first
floor. The larger deflection in the first floor than in the roof indicates the elongation in the
cables and the columns. Accordingly, it can be concluded that tension forces have been
developed in the cables and the columns above the failed column which are responsible of
the substantial elongation in the cables and the columns. Also, it can be concluded that the
developed tension forces in the cables and columns above the failed column indicate the
reversing of the load path above the failed column which is in line with conceptual design
of the proposed mitigation scheme that is presented in Chapter three.

On the other hand, the analysis results show that the points above the failed column
abruptly reached the peak of downward deflection due to the sudden loss of the column.
Finally the deflections rest at steady state values. When the building is subjected to the load
combination specified by the GSA (2003), the analyses show that the peak downward
deflections above the failed columns are equal to 0.058 m , 0.057 m and 0.066 m following
the failure of the ground floor interior Column D2, edge Column E2 and corner Column
E1, respectively. On the other hand, when the building is subjected to the load combination
specified by UFC (2009), the analyses show that the peak downward deflections above the
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failed columns are equal to 0.07231 m, 0.0693 m and 0.08156 m following the failure of
the ground floor interior Column D2, edge Column E2 and corner Column E1, respectively.

It is shown that the peak downward deflections above the failed column when imposing the
load combination specified by UFC (2009) on the building are larger than those deflections
when imposing the load combination specified by GSA (2003). However, for both cases of
the load combinations specified by GSA (2003) and UFC (2009), the analysis results show
that the peak of maximum deflections are far less than the ultimate deflection (0.1298 m)
associated to the ultimate rotations.

The results of the maximum developed rotations at the critical sections in the bridging
beams over the failed columns and the rotation capacities of these sections are given in
Tables 5-4 to 5-6. It is shown that the yield rotations of the critical sections are exceeded
which indicates that plastic hinges have been formed in these sections. However, the
maximum developed rotations are still far less than the ultimate rotation in the critical
sections of the bridging beams over the failed columns. For the comparison, Tables 5-4 to
5-6 include the developed rotations of the points at the critical sections in the bridging
beams (which are associated with one metre vertical deflections for the cases without
retrofitting scheme) following the removal of the considered columns for the building
without the retrofitting scheme.
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(a)

(b)

(c)

Figure 5-9: Deformed shape of the building model following the failure of the ground floor
columns; (a) Column D2, (b) Column E2 and (c) Column E1.
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Figure 5-10: The time history of the vertical deflections above the failed columns in the
retrofitted 10-storey building, Case I; (a) considering load combination specified by
GSA (2003) and (b) considering load combination specified by UFC (2009).
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Figure 5-11: The time history of the vertical deflections above the failed columns in the
retrofitted 10-storey building, Case II; (a) considering load combination specified by
GSA (2003) and (b) considering load combination specified by UFC (2009).
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Figure 5-12: The time history of the vertical deflections above the failed columns in the
retrofitted 10-storey building, Case III; (a) considering load combination specified by
GSA (2003) and (b) considering load combination specified by UFC (2009).
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Table 5-4: Comparison of deformation results with the deformation capacity, Case I.
Maximum rotation in
the bridging beam D1D3, 2nd floor (rad)

Maximum rotation in
the bridging beam C2E2, 2nd floor (rad)

End
Centre
End
Centre
Yield rotation
0.006
0.0053
0.006
0.0053
Ultimate rotation capacity
0.022
0.046
0.022
0.046
Building without retrofitting
0.1823*
0.1786*
0.1823*
0.1786*
Building with retrofitting, adopting
0.0078
0.0065
0.0078
0.0065
load combination of GSA (2003)
Building with retrofitting, adopting
0.0109
0.0081
0.0109
0.0081
load combination of UFC (2009)
Note: See Figure 5-1 for locations of columns and beams.
*The rotation results are for one meter vertical deflection after which capturing the
vertical displacement was stopped.

Progressive
collapse

____
Yes
No
No

Table 5-5: Comparison of deformation results with the deformation capacity, Case II.
Maximum rotation in
the bridging beam D2E2, 2nd floor (rad)
End

Face of
failed
column
0.0053
0.046
0.175*

Maximum rotation in
the bridging beam E1E3, 2nd floor (rad)
End

Face of
failed
column
0.0053
0.046
0.1763*

Yield rotation
0.006
0.0058
Ultimate rotation capacity
0.022
0.024
Building without retrofitting
0.1819*
0.1813*
Building with retrofitting, adopting
0.0074
0.0062
0.008
0.0062
load combination of GSA (2003)
Building with retrofitting, adopting
0.0106
0.0078
0.0111
0.0081
load combination of UFC (2009)
Note: See Figure 5-1 for locations of columns and beams.
*The rotation results are for one meter vertical deflection after which capturing the
vertical displacement was stopped.

Progressive
collapse

______
Yes
No
No

Table 5-6: Comparison of deformation results with the deformation capacity , Case III.
Maximum rotation in
the bridging beam C1E1, 2nd floor (rad)
End

Face of
failed
column
0.0053
0.046
0.1775*

Maximum rotation in
the bridging beam E1E2, 2nd floor (rad)
End

Face of
failed
column
0.0053
0.046
0.1775*

Yield rotation
0.0058
0.0058
Ultimate rotation capacity
0.024
0.024
Building without retrofitting
0.187*
0.187*
Building with retrofitting, adopting
0.0096
0.008
0.0096
0.008
load combination of GSA (2003)
Building with retrofitting, adopting
0.0128
0.0098
0.0128
0.0098
load combination of UFC (2009)
Note: See Figure 5-1 for locations of columns and beams.
*The rotation results are for one meter vertical deflection after which capturing the
vertical displacement was stopped.
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Progressive
collapse

Yes
No
No

5.3.3 Load redistribution and resistance mechanisms
The analysis results depicted in Figs. 5-13 to 5-15 show the releases of the compression
forces in the failed Columns D2, E2 and E1 those corresponding to the failure Cases I, II
and III, respectively. The releases of compression forces in the failed columns are
accompanied with instantaneous sudden development of compression forces in the adjacent
columns to the failed columns as depicted in Figs. 5-13 to 5-15. The analysis results show
that the developed forces in the columns adjacent to the considered failed columns are less
than minimum capacity of the columns (8500 kN) by considering the maximum developed
moments in these columns.

On the other hand, the analysis results show that the releases of compression forces in the
failed columns are accompanied with instantaneous sudden development of tension forces
in the cables above the failed columns as depicted in Figs. 5-16 to 5-18. The analysis results
show that the maximum axial forces developed in the cables have occurred in the points
between the roof and the hat braced frame. Figs. 5-16 to 5-18 show that when the building
was imposed to the load combination specified by GSA (2003), the tensile force at the top
of cables just beneath the hat braced frame reached the peak values of 655.93 kN, 650.14
kN and 702.45 kN following the independent failure of Columns D2, E2 and E1,
respectively. Then the tension forces are damped out to the stable values of 383.76 kN,
387.39 kN and 393.13 kN. In all case it is obvious that the developed forces in the cables
are far less than their capacities (1150 kN) and the cables have responded within the elastic
range. In contrast, when the building imposed to the load combination specified by UFC
(2009), Figs. 5-16 to 5-18 show that the tensile force at the top of cables just beneath the
hat braced frame reached the peak values of 803.44 kN, 813.455 kN and 837.385 kN
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following the independent removal of Columns D2, E2 and E1, respectively. Then the
tension forces are damped out to the stable values of 504.55 kN, 501.49 kN and 519.56 kN.
It is shown that the developed tension forces in the cables corresponding to the load
combination specified by UFC (2009) guidelines are larger than those corresponding to the
load combination specified by GSA (2003) guidelines. This variation in the developed
tension forces stems from the difference in the specified load combination specified by
GSA (2003) and UFC (2009) guidelines. Nevertheless, it is obvious in all cases that the
developed forces in cables are far less than their capacities (1150 kN) and the cables have
responded in the elastic range.

D3

D3

D1

Axial force (N)

Axial force (N)

D1
D4
D5

D4
D5

D2

D2

Time (sec)

Time (sec)

(a)

(b)

Figure 5-13: The time history of the axial force in Columns D1-D5 (refer to Figure 6-1 for
column locations) in the retrofitted 10-storey building, Case I; (a) considering load
combination specified by GSA (2003) and (b) considering load combination specified by
UFC (2009).
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Figure 5-14: The time history of the axial force in Columns D1-D5 (refer to Figure 6-1 for
column locations) in the retrofitted 10-storey building, Case I; (a) considering load
combination specified by GSA (2003) and (b) considering load combination specified by
UFC (2009).
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Figure 5-15: The time history of the axial force in Columns D1-D5 (refer to Figure 6-1 for
column locations) in the retrofitted 10-storey building, Case I; (a) considering load
combination specified by GSA (2003) and (b) considering load combination specified by
UFC (2009).
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Figure 5-16: Tension forces that are formed in the cable above the failed column at a point
just beneath the braced frame, (The force represents the total tension force formed in the
two cables on either side of the beam), Case I; (a) considering load combination specified
by GSA (2003) and (b) considering load combination specified by UFC (2009).
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Time (sec)

(a)
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Figure 5-17: Tension forces that are formed in the cable above the failed column at a point
just beneath the braced frame, (The force represents the total tension force formed in the
two cables on either side of the beam), Case II; (a) considering load combination specified
by GSA (2003) and (b) considering load combination specified by UFC (2009).
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Figure 5-18: Tension forces that are formed in the cable above the failed column at a point
just beneath the braced frame, (The force represents the total tension force formed in the
two cables on either side of the beam), Case III; (a) considering load combination specified
by GSA (2003) and (b) considering load combination specified by UFC (2009).

Table 5-7 summarizes the resulted maximum vertical deflection above the failed column,
the initial axial forces in the denoted failed columns and the maximum developed tension
forces in the cables above the failed column by considering the load combination specified
by the GSA (2003) and UFC (2009) guidelines. It is obvious that when the load
combination specified by the GSA (2003), the results show that the developed forces in the
cables after the rest are equal to 74.05%, 75.87% and 71.1% of the compression force that
was carried by the failed Columns D2, E2 and E1, respectively. These values of the
developed forces in the cables imply transferring 74.05%, 75.87% and 71.1% of the
residual forces that resulted from the failure of the Columns D2, E2 and E1, respectively.
However, when applying the load combination specified by the UFC (2009), the results
show that the developed forces in the cables after the rest are equal to 77.61%, 77.92 % and
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76.26% of the compression force that was carried by the failed Columns D2, E2 and E1,
respectively. These values of the developed forces in the cables imply transferring 77.61%,
77.92 % and 76.26% of the residual forces that resulted from the failure of the Columns
D2, E2 and E1, respectively.

Table 5-7: Maximum deflection, column axial forces, and cable forces beneath the
supporting braced frame.
GSA (2003)

Maximum vertical deflection at
the top of failed column (m)
Axial force in the failed column
before failure (kN)
Maximum axial force in the cable
above the failed column (kN)
Axial force in the cable above the
failed column at rest (kN)

UFC (2009)

Case I

Case II

Case III

Case I

Case II

Case III

0.05785

0.05657

0.06618

0.07231

0.0693

0.08156

4146.19

3063.46

2211.4

5200.480

3861.72

2725.15

655.93

650.14

702.45

803.435

813.455

837.385

383.76

387.39

393.125

504.550

501.490

519.555

By examining the developed bending moments and shear forces in the beams on either side
of the failed columns, Figs. 5-19 to 5-34 depict the time history of the bending moments
and shear forces developed at the ends of the bridging beams above the failed columns. The
results shown in Figs. 5-19 to 5-34 are related to both cases of load combinations specified
by the GSA (2003) and UFC (2009) guidelines. The results show the development and
increasing in the negative moments at the far ends of the bridging beams while the results
show the reversing of the negative moments in the bridging beams at the faces of the failed
columns. This development in bending moments at the end of the bridging beams and
reversing of moments at the faces of the failed columns demonstrate the contribution of the
bridging beams in redistributing the rest of the residual forces that resulted from the
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columns failure. Referring to the developed bending moments at the ends of beams in all
considered failure scenarios show that these bending moments are less than the moments
capacities (see Table 5-2) of these sections. Also, the developed shear forces at the ends of
beams in all case studies show that these shear forces are less than the shear capacities

Bending moment (N. m)

Bending moment (N. m)

(216.55 kN) of these beams.

Time (sec)

Time (sec)

(a) Bending moment at the left support to
failed column (right face of column D1).

(b) Bending moment at the right face of
failed column (Column D2).

Figure 5-19: Bending moments at the critical section in the bridging Beam D1-D3, Case I
(considering load combination that specified by GSA (2003)).
.
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(a) Shear force at the left support to failed
column (right face of column D1).

(b) Shear force at the right face of failed
column (Column D2).

Bending moment (N. m)

Bending moment (N. m)

Figure 5-20: Shear forces at the critical section in the bridging Beam D1-D3, Case I
(considering load combination that specified by GSA (2003)).

Time (sec)

Time (sec)

(a) Bending moment at the left support to
failed column (right face of column E1).

(b) Bending moment at the right face of
failed column (Column E2).

Figure 5-21: Bending moments at the critical section in the bridging Beam E1-E3, Case II
(considering load combination that specified by GSA (2003)).
.
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(a) Shear force at the left support to failed
column (right face of column E1).

(b) Shear force at the right face of failed
column (Column E2).

Bending moment (N. m)
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Figure 5-22: Shear forces at the critical section in the bridging Beam E1-E3, Case II
(considering load combination that specified by GSA (2003)).
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(a) Bending moment at the back support to
failed column (front face of column D2).

(b) Bending moment at the back face of
failed column (Column E2).

Figure 5-23: Bending moments at the critical section in the bridging Beam D2-E2, Case II
(considering load combination that specified by GSA (2003)).
.
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(a) Shear force at the back support to failed
column (front face of column D2).

(b) Shear force at the back face of failed
column (Column E2).
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Figure 5-24: Shear forces at the critical section in the bridging Beam D2-E2, Case II
(considering load combination that specified by GSA (2003)).
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(a) Bending moment at the back support to
failed column (front face of column D1).

(b) Bending moment at the back face of
failed column (Column E1).

Figure 5-25: Bending moments at the critical section in the bridging Beam D1-E1, Case III
(considering load combination that specified by GSA (2003)).
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(a) Shear force at the back support to failed
column (front face of column D1).

(b) Shear force at the back face of failed
column (Column E1).

Bending moment (N. m)

Bending moment (N. m)

Figure 5-26: Shear forces at the critical section in the bridging Beam D1-E1, Case III
(considering load combination that specified by GSA (2003)).
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(a) Bending moment at the left support to
failed column (right face of column D1).

(b) Bending moment at the right face of
failed column (Column D2).

Figure 5-27: Bending moments at the critical section in the bridging Beam D1-D3, Case I
(considering load combination that specified by UFC (2009)).
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(a) Shear force at the left support to failed
column (right face of column D1).

(b) Shear force at the right face of failed
column (Column D2).
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Figure 5-28: Shear forces at the critical section in the bridging Beam D1-D3, Case I
(considering load combination that specified by UFC (2009)).
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(a) Bending moment at the left support to
failed column (right face of column E1).

(b) Bending moment at the right face of
failed column (Column E2).

Figure 5-29: Bending moments at the critical section in the bridging Beam E1-E3, Case II
(considering load combination that specified by UFC (2009)).

119

Shear force (N)

Shear force (N)

Time (sec)

Time (sec)

(a) Shear force at the left support to failed
column (right face of column E1).

(b) Shear force at the right face of failed
column (Column E2).
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Figure 5-30: Shear forces at the critical section in the bridging Beam E1-E3, Case II
(considering load combination that specified by UFC (2009)).
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(a) Bending moment at the back support to
failed column (front face of column D2).

(b) Bending moment at the back face of
failed column (Column E2).

Figure 5-31: Bending moments at the critical section in the bridging Beam D2-E2, Case II
(considering load combination that specified by UFC (2009)).
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(a) Shear force at the back support to failed
column (front face of column D2).

(b) Shear force at the back face of failed
column (Column E2).

Bending moment (N. m)

Bending moment (N. m)

Figure 5-32: Shear forces at the critical section in the bridging Beam D2-E2, Case II
(considering load combination that specified by UFC (2009)).
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(a) Bending moment at the back support to
failed column (front face of column D1).

(b) Bending moment at the back face of
failed column (Column E1).

Figure 5-33: Bending moments at the critical section in the bridging Beam D1-E1, Case III
(considering load combination that specified by UFC (2009)).
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(a) Shear force at the back support to failed
column (front face of column D1).

(b) Shear force at the back face of failed
column (Column E1).

Figure 5-34: Shear forces at the critical section in the bridging Beam D1-E1, Case III
(considering load combination that specified by UFC (2009)).

From the above, it is shown that the vast amount of the residual forces that resulted from
the failure of the columns are carried by the cables which provide alternate tension load
path above the failed columns. On the other hand, the rest of the floor loads were
redistributed by the bridging beams over the failed column as demonstrated by the analysis
results (Figs. 5-19 to 5-34).

Finally, examining the developed forces in the members of the hat braced frame shows that
the sudden developed forces in the frame members are concurrent with the developed
tension forces in the cables. The results shown here are selected from the most critical
members (S 1-1, S 2-2 and S 3-3, that denoted for each independent scenario as shown in
Figs. 5-35 to 5-37) in the hat braced frame which is illustrated in Figs. 5-35 to 5-37. It is
obvious that the members S 2-2 and S 3-3 are subjected to tension forces which are less
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than the tension capacities of these members of 4590 kN while member S 1-1 is subjected
to compression forces which is less than the critical buckling capacity of 3993.3 kN. On the
other hand, the analysis results show that the developed forces in the members of the hat
braced frame following the failure of the first floor column resulted from imposing
equivalent loads to the forces that were transferred by the cables at the points where the
cables connected to the hat braced frame. This compatibility between the transferred forces
by the cables and the developed forces in the hat brace frame members indicates
transferring the loads from the cables to the hat braced frame which is in line with concept
of the proposed mitigation scheme that was presented in Chapter three.

From the above, it is obvious that the building model successfully absorb the loss of the
ground floor column and the building will not suffer progressive collapse following any of
the adopted failure scenarios (interior column failure, edge column failure and corner
column failure). Accordingly, the viability of the proposed mitigation scheme in providing
alternate load path above the potential failed columns is demonstrated in which the
progressive collapse of reinforced concrete buildings can be prevented.
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Member S1-1
Member S2-2

(a) Hat braced steel fame illustrating the critical members
corresponding to the failure of Column D2.
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(b) considering load combination
specified by GSA (2003).

(c) considering load combination
specified by UFC (2009).

Figure 5-35: The axial forces that developed in the denoted critical members corresponding
to the failure of the Column D2 (Case I).
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Member S1-1
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(a) Hat braced steel fame illustrating the critical members
corresponding to the failure of Column E2.
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(b) considering load combination
specified by GSA (2003).

(c) considering load combination
specified by UFC (2009).

Figure 5-36: The axial forces that developed in the denoted critical members corresponding
to the failure of the Column E2 (Case II).
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(a) Hat braced steel fame illustrating the critical members
corresponding to the failure of Column E1.
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Member S1-1
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(b) considering load combination
specified by GSA (2003).

(c) considering load combination
specified by UFC (2009).

Figure 5-37: The axial forces that developed in the denoted critical members corresponding
to the failure of the Column E1 (Case III).

126

5.4 New building upgraded by the proposed mitigation scheme
5.4.1 Building description and modelling
In this section, the proposed mitigation scheme is applied to the building model by
embedding the cables in the columns in which displays upgrading new designed buildings.
The same building model specified in Section 5.2 is adopted in this case study. The
building model is conventionally designed according to the AS 3600 (2009). In this case
study, the performance of embedding a single cable in each column instead of installing the
cables parallel to the columns is investigated. The dimensions of the columns are increased
to the value 0.7 m x 0.7 m instead of 0.6 m x 0.6 m to accommodate the reduction in
column cross sectional area due to embedding the cables. The gravity load combination
specified by the GSA (2003) is adopted in the designing the cables considering the tributary
area of the associated columns. Galvanised Strand Cables (AS 2841, 2005) are selected
with designed cross sectional areas equal to 6440 mm2, 4050 mm2 and 2580 mm2
embedded in interior, edge and corner columns, respectively. These cables have Es =158
GPa and minimum breaking forces of 8850 kN, 5560 kN and 3640 kN, respectively.

Seven independent scenarios of column failure are considered in the investigations that
include three independent single column failures and four independent instantaneous failure
of two adjacent columns. The considered failure scenarios in the investigations are
summarised in Table 5-8. The finite element modelling of the building model is illustrated
in Fig. 5-38. The first model (see Fig. 4-11(a)) for the embedding cables in the columns is
adopted in the finite element modelling.
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Table 5-8: Scenarios of column failures, new building model (refer to Fig. 5-1)
Failure
scenario
Case I
Case II
Case III
Case IV
Case V
Case VI
Case VII

Potential column failure (see Fig. 5.1)
Failure of ground floor Column D2
Failure of ground floor Column E2
Failure of ground floor Column E1
Instantaneous failure of ground floor Columns E1 and E2
Instantaneous failure of ground floor Columns E2 and E3
Instantaneous failure of ground floor Columns E2 and D2
Instantaneous failure of ground floor Columns D2 and D3

(a) Elevation view.

(b) Three dimensional view.

Figure 5-38: Finite element modelling of the new building model with the proposed
mitigation scheme.

128

5.4.2 Building response to the failure of single column
For the new building with implementing the proposed mitigation scheme and considering
the independent single column failure, the results show that the points above the failed
column abruptly reach their peak of downward deflections following the sudden loss of the
column. Finally the deflections rest at steady state values. Figs. 5-39 to 5-41 show the
deformed shape of the building models following the removal of the ground floor Columns
D2, E1 and E2 corresponding to the independent failure Cases I, II and III, respectively (see
Fig. 5-1). Also, Figs. 5-39 to 5-41 show the time history of the downward deflections of the
points in the first floor and the roof above the considered failed columns. It is shown that
the resulted peak deflections are 0.053 m, 0.055 m and 0.065 m following the failure of the
ground floor interior Column D2, edge Column E2 and corner Column E1, respectively.
By examining the progressive collapse performance of the adopted building that have been
upgraded by utilizing the proposed scheme, the results show that the peak of maximum
deflections are far less than the ultimate displacements (0.1276 m) associated with the
ultimate rotations (see Table 5-2) of the critical section of the bridging beams above the
potential failed columns.

On the other hand, Fig. 5-42 shows the developed forces in the cables above the failed
columns. It is shown that the developed tension forces reached their peak values of 5416
kN, 3931 kN and 2757 kN corresponding to the failure of interior Column D2, edge column
E2 and corner Column E1, respectively. It is obvious that these developed forces are far
less than the capacities of these cables 8850 kN, 5560 kN and 3640 kN corresponding to
the cables (cross sectional areas equal to 6440 mm2, 4050 mm2 and 2580 mm2) that
embedded in the interior columns, edge columns and corner columns, respectively.
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Fig. 5-53 shows the axial forces developed in the adjacent columns to the failed columns. It
is obvious that the developed forces are less than the minimum capacity of the columns
(11685 kN) considering the eccentricity that resulted from the developed bending moments
and by adopting a reduction factor equal to 0.6.

Deflection (m)

Roof

1st floor

Time (sec)

(a) The deformed shape of the building.

(b) The vertical deflection at the points
above the failed Column.

Figure 5-39: The response of the 10-storey building to the failure of the ground floor
Column D2, the building with mitigation scheme.
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(a) The deformed shape of the building.

(b) The vertical deflection at the points
above the failed Column.

Deflection (m)

Figure 5-40: The response of the 10-storey building to the failure of the ground floor
Column E2, the building with mitigation scheme.
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(a) The deformed shape of the building.

(b) The vertical deflection at the points
above the failed Column.

Figure 5-41: The response of the 10-storey building to the failure of the ground floor
Column E1, the building with mitigation scheme.

131

Axial force (N)

Time (sec)

Axial force (N)

(a) Case I.

Time (sec)

Axial force (N)

(b) Case II.

Time (sec)

(c) Case III.
Figure 5-42: Tension forces that are formed in the cable above the failed column at a point
just beneath the braced frame.
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Figure 5-43: Axial force in ground floor Columns D1-D5 and E1-E5 (refer to Figure 5-1 for
column locations).
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Table 5-9 illustrates the maximum deflection above the failed columns, the initial forces in
the columns before the failure and the maximum peak and rest tension forces developed in
the cables above the failed columns. The analysis results show that the cables and the
adjacent columns have been responded within the capacities of these members. In addition,
the analysis results show that the developed forces in the beams are far less than their
capacities despite developing plastic hinges at the ends of these beams.

Table 5-9: Maximum deflection, column axial forces, and cable forces beneath
the supporting braced frame.
Maximum vertical deflection at the
top of failed column (m)
Axial force in the failed column
before failure (kN)
Maximum axial force in the cable
above the failed column (kN)
Axial force in the cable above the
failed column at rest (kN)

Case I

Case II

Case III

0.0534

0.0555

0.0647

4135.46

3077.4

2212.23

5415.82

3931.26

2756.97

3448.51

2429.11

1734.23

It is obvious that the obtained results of applying the proposed scheme to upgrade the new
building to prevent the progressive collapse are in line with results that obtained in Section
5.3. Also, similar results have been obtained by conducting two dimensional finite element
analyses. The results of two dimensional finite element analyses have been presented in
Alrudaini and Hadi (2010) and Hadi and Alrudaini (2011) by considering only the corner
column failure scenario for the same 10-storey building model. Alrudaini and Hadi (2010)
have considered the case of upgrading new building while Hadi and Alrudaini (2011) have
considered the case retrofitting existing building.
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The evaluation of results and the discussion are not further presented here as they are
similar to those presented in Section 5.3. However, the resulted deflections above the failed
column and the developed forces in the cables and the adjacent columns to the failed
column as well as the stability of the building together with the solution convergence
indicate the survival of the building from the progressive collapse. Consequently, the new
building can successfully absorb the loss of the ground floor columns by implementing the
proposed mitigation scheme.

5.4.3 Building response to the failure of two adjacent columns
For more severe conditions, different scenarios of instantaneous failure of two adjacent
ground floor columns are considered in the investigation (Cases IV, V, VI and VII, refer to
Table 5-8). The analysis results show that the utilized horizontal members (ST 310 UC 118,
AS/NZS 3679.1, 2010) of the hat braced frame are failed following the instantaneous
failure of any two adjacent columns. Accordingly, the horizontal hat braced frame members
are redesigned by utilizing larger sections (350 WC 197, AS/NZS 3679.1, 2010). Similar to
the scenarios of a single column failure, the analysis results show that the points above the
failed columns abruptly reach the peak of downward vertical deflection due to the sudden
loss of the columns. Then responses rest at steady state downward deflections. Figs. 5-44 to
5-47 show the time history of the downward deflections at the points in the first floor above
the considered removed columns. Also, Figs. 5-44 to 5-47 show the time history of the
maximum tension forces in the cables at points just beneath the hat braced frame above the
considered failed columns. By examining the progressive collapse mitigation by utilizing
the proposed scheme, the results show that the peak of maximum deflections are far less
than the ultimate deflections (0.1276 m) associated with the ultimate rotations (see Table 5135

2) of the critical section of the bridging beams above the potential failed columns.
Furthermore, it is obvious that the maximum developed tension forces in the cables are far
less than their capacities (minimum breaking forces are 8850 kN, 5560 kN and 3640 kN of

Deflection (m)

Deflection (m)

the interior, edge and corner cables, respectively).

Time (sec)

Time (sec)

(b) The vertical deflection at the
points above the failed
Column E2.

Axial force (N)

Axial force (N)

(a) The vertical deflection at the points
above the failed Column E1.

Time (sec)

Time (sec)

(d) Tension in Cable E2.

(c) Tension in Cable E1.

Figure 5-44: The response of the 10-storey building to the failure of the ground floor
Columns E1 and E2 (Case IV, see Table 5-8), the building with mitigation scheme.
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Figure 5-45: The response of the 10-storey building to the failure of the ground floor
Columns E2 and E3 (Case V, see Table 5-8), the building with mitigation scheme.
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Figure 5-46: The response of the 10-storey building to the failure of the ground floor
Column E2 and D2 (Case VI, see Table 5-8), the building with mitigation scheme.
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Figure 5-47: The response of the 10-storey building to the failure of the ground floor
Column D2-D3 (Case VII, see Table 5-8), the building with mitigation scheme.
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It is obvious that only the strength of the hat braced frame is required to be increased in
case of instantaneous failure of two adjacent columns over that utilized in single column
failure in the considered building model. This required increase in the strength of the hat
braced frame stem from the increase in the spans’ length of the hat braced frame above the
failed two adjacent columns over the spans’ length above the failed single column.
However, the cables’ strength that is designed to carry gravity loads considering the
tributary area of the associated columns are satisfactory regardless the number of failed
columns.

In addition, Figs. 5-48 to 5-51 show the developed forces in the adjacent columns. The
analysis results show that the developed forces in the columns are far less than the
minimum capacity (11685 kN) of the columns considering the developed bending moments
in these columns. Table 5-10 illustrates the maximum deflections above the failed columns,
the column forces before their failure and the maximum peak and rest tension forces
developed in the cables above the failed columns. The resulted deflection above the failed
column and the developed forces in all the structural members as well as the stability of the
building together with the solution convergence indicate the survival of the building from
the progressive collapse. Thus, it can be concluded that the building model successfully
absorb the instantaneous failure of two adjacent columns in the ground storey of the
considered building when the proposed mitigation scheme is implemented.

140

Axial force (N)

D2
D3
D4
D5

Axial force (N)

D1
E3
E4
E5
E2
E1

Time (sec)

Time (sec)

Figure 5-48: Axial force in Columns D1-D5 and E1-E5 (refer to Figure 5-1 for column
locations), Case IV (see Table 5-8).
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Figure 5-49: Axial force in Columns D1-D5 and E1-E5 (refer to Figure 5-1 for column
locations), Case V (see Table 5-8).
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Figure 5-50: Axial force in Columns D1-D5 and E1-E5 (refer to Figure 5-1 for column
locations), Case VI (see Table 5-8).

E3
E4

D3

E1

D2

E5

Time (sec)

Time (sec)

Figure 5-51: Axial force in Columns D1-D5 and E1-E5 (refer to Figure 5-1 for column
locations), Case VII (see Table 5-8).
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Table 5-10: Maximum deflection, axial forces in columns, and cable
forces beneath the supporting brace frame.

Column E1
Maximum vertical deflection at the top of
failed column (m)
Axial force in the failed column before
failure (kN)
Maximum axial force in the cable above the
failed column (kN)
Axial force in the cable above the failed
column at rest (kN)

0.0962

0.0727

2209.254

3092.145

3499.550

4408.310

1920184

2792235

Column E2
Maximum vertical deflection at the top of
failed column (m)
Axial force in the failed column before
failure (kN)
Maximum axial force in the cable above the
failed column (kN)
Axial force in the cable above the failed
column at rest (kN)

Case V
Column E3

0.0749

0.0754

3379.887

3380.016

4687.910

4717.330

2885.026

2871.543

Column E2
Maximum vertical deflection at the top of
failed column (m)
Axial force in the failed column before
failure (kN)
Maximum axial force in the cable above the
failed column (kN)
Axial force in the cable above the failed
column at rest (kN)

Case IV
Column E2

Case VI
Column D2

0.0669

0.0646

3382.125

4137.021

4714.060

6157.060

2581.472

3685.287

Case VII
Column D2
Column D3
Maximum vertical deflection at the top of
failed column (m)
Axial force in the failed column before
failure (kN)
Maximum axial force in the cable above the
failed column (kN)
Axial force in the cable above the failed
column at rest (kN)
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0.0642

0.0648

4140.321

4139.728

6139.590

6146.190

3720.524

3741.123

5.5 Parametric evaluation of the mitigation scheme
In this section, the performance of the proposed mitigation scheme in improving the
progressive collapse resistance of building models with different number of storeys is
evaluated. In addition, the effect of the cables’ stiffness on progressive collapse
performance of a reinforced concrete building upgraded by the new mitigating scheme is
investigated.

5.5.1 Buildings description and modelling
The evaluation is conducted considering a conventional 10-storey, 15-storey and 20-storey
reinforced concrete building models. The building models are designed according to the
Australian design standard AS3600 (2009). The same typical plan of the building model
specified in Section 5.2 is considered (see Fig. 5-1). Also, the same imposed loadings
utilized in Section 5.2 are considered in the designing the building models. The design
details of the beams are identical for the three building models (10-storey, 15-storey and
20-storey buildings) and are similar to the specified models in the previous sections.
However, for the columns, the design details are varied according to the number of storeys
of the building in which the design details of the columns are depicted in Table 5-11.

Table 5-11: Design details of the columns of the adopted building models.
10-storey building
Stories

Reinforcement

'
c

f (MPa)

15-storey building
Reinforcement

'
c

f (MPa)

20-storey building
Reinforcement

f c' (MPa)

ground-4th
16N28*
40*
16N28*
65*
16N32*
65*
th th
5 -9
8N28
32
8N28
40
8N28
65
10th-14th
----------8N28
40
8N28
40
15th-19th
---------------------8N28
40
Note: all columns’ dimensions are 700x700 mm and the reinforcement strength fsy= 500 MPa and. Ties
are N10 at 400 mm centre to centre.
*
Increasing the concrete strength and the amount of the reinforcement with increasing the height of the
building to achieve the required capacities of the columns that have equivalent cross sections.
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Similar to the previous sections, the cables are designed to carry gravity loads considering
the tributary area of the associated columns. The load combination equal to
2(D.L.+0.25L.L.) specified by the GSA (2003) for assessing existing buildings and for
designing new buildings is adopted for designing the cables. The hat braced frame is
designed to carry the same load utilized in designing the cables considering double span or
cantilever span that is potentially developed over the failed column depending on the
location of the failed columns. The cables designed for upgrading the three building models
are eight cables (two cables on each face of the columns are utilized in which eight cables
are embedded inside the interior columns) of 36 mm, 44 mm and 48 mm diameter Steel
Galvanized Strands for the 10 storey, 15 storey and 20 storey building models, respectively.
These cables have nominal area equal to 789 mm2, 1240 mm2 and 1450 mm2 with
capacities of 1150 kN, 1800 kN and 2050 kN, respectively.

The second model (see Fig. 4-11(b)) for the embedding cables in the columns is adopted in
the finite element modelling. For the hat braced frame, a structural steel section ST 310 UC
118 (AS/NZS3679.1 2010) is selected for all members. The yield strength and modulus of
elasticity of steel sections are fy = 340 MPa and Es =200 GPa, respectively (AS/NZS3679.1
2010). Fig. 5-52 illustrates layout view of the adopted steel hat braced fame utilized for
upgrading the adopted building models. In this case study, only the potential failure of the
interior ground floor Column D2 (see Fig. 5-1) is considered in the investigations.

145

Figure 5-52: Layout view of the adopted steel hat braced fame.

5.5.2 Buildings responses to the column failure
The failure of the ground floor Column D2 causes downward deflections in all floors above
the failed column. Figs. 5-53 to 5-55 illustrate the deformation shapes of the building
models following the column failure and the corresponding time history of the downward
deflections at the points in the first floor and the roof above the failed column. It is obvious
that the maximum deflections are developed in the points in the first floor above the failed
column. These deflections reached their peak values of 0.0582 m, 0.0835 m and 0.1231 m
corresponding to 10-storey, 15-storey and 20-storey building models, respectively. These
resulted deflections in the building models above the failed columns are less than the
ultimate deflection (0.1279 m) associated with the ultimate rotations at the ends of the
bridging beams (refer to Table 5-2).

Similar to the previous case studies, Figs. 5-53 to 5-55 show that the deflections in the first
floor of all building models are significantly larger than those in the roofs. The differential
deflections in the floors above the failed column demonstrate the elongation in the columns
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and the cables above the failed column. This elongation in the cables and columns are
resulted from the developed tension forces that demonstrate the load path reversing
following the failure of the ground floor column. Also it is shown that the maximum
deflection in the first floor of the 20-storey building is larger than those in the 15-storey and
in the 10-storey buildings. Thus, the elongation in the columns and cables increase with the
increase in the number of storeys of the buildings due to the increase in the cables’ length
and the imposed loads. The analysis results have shown that the three building models are
succeeded in resisting the progressive collapse by implementing the proposed mitigation
scheme. However, the progressive collapse resistance of the building models has different
level of resistance in which the 10-storey building perform better than the 15-storey
building and than the 20-storey building due to the increase in cable elongation with
increase in the number of storeys.

Roof
Deflection (m)

1st floor

Time (sec)

(a) The deformed shape of the building.

(b) The vertical deflection at the points
above the failed Column.

Figure 5-53: The response of the 10-storey building to the failure of the ground floor
Column D2, the building with mitigation scheme.
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(a) The deformed shape of the building.

(b) The vertical deflection at the points
above the failed Column.

Figure 5-54: The response of the 15-storey building to the failure of the ground floor
Column D2, the building with mitigation scheme.
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Figure 5-55: The response of the 20-storey building to the failure of the ground floor
Column D2, the building with mitigation scheme.
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5.5.3 Load redistribution in the buildings
Fig. 5-56 illustrates the time history of the maximum forces developed in the cables above
the failed column at points just beneath the hat braced frame. It is shown that these
developed tension forces reached their peak values of 656.0 kN, 834.59 kN and 1121.46 kN
corresponding to 10-storey, 15-storey and 20-storey building models, respectively. The
resulted tension forces are far less than the capacities of these cables 1150 kN, 1800 kN and
2050 kN corresponding to the cables (designed nominal areas equal to 789 mm2, 1240
mm2 and 1450 mm2 ) in which were utilised in upgrading the 10-storey, 15-storey and 20storey building models, respectively. Also the analysis results (see Fig. 5-56) show that the
maximum axial force developed in the adjacent Column D3 (refer to Fig. 5-1) reached their
peak values of 5386.3 kN, 8490.41 kN and 11208.9 kN corresponding to the 10-storey, 15storey and 20-storey buildings, respectively. Then these axial forces are damped out to their
steady values. The capacities of the designed Column D3 in the 10-story, 15-story and 20story building models considering the eccentricity that resulted from the developed bending
moments and by adopting a reduction factor equal to 0.6 are 11685 kN, 16751 kN and
17960 kN, respectively. It is shown that the developed forces are far less than the capacities
of these columns.

Figs. 5-57 to 5-59 show the developed shear forces at the ends of the beams. The analysis
results show that the maximum shear forces are developed at the left end of the bridging
Beam D1-D3 (at the end D1). It is obvious that these shear forces are less than the shear
capacities (216.55 kN) of these bridge beams.
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(b) Columns’ forces, 10-storey building.
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Figure 5-56: The developed forces in the cables (The cables’ force represents the total
tension force formed in the two cables on either face of the column) above the failed
column and the developed forces in the Columns D1-D5.
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(a) Shear force at the left support of failed
column (right face of column D1).

(b) Shear force at the right face of failed
column (Column D2).
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Figure 5-57: Shear forces at the critical section in the bridging Beam D1-D3, 10-storey
building.
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Figure 5-58: Shear forces at the critical section in the bridging Beam D1-D3, 15-storey
building.
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(b) Shear force at the right face of failed
column (Column D2).

Figure 5-59: Shear forces at the critical section in the bridging Beam D1-D3, 20-storey
building.

Furthermore, Fig. 5-60 illustrates the developed forces in the most critical members (S 1-1,
S 2-2 and S 3-3) in the hat braced frame. The members S 1-1 and S 3-3 are subjected to
tension forces which are less than the tension capacities of these members of 4590 kN
while member S 2-2 is subjected to compression forces which is less than the critical
buckling capacity of 3993.3 kN. Consequently, all the structural members of the building
models and the mitigating scheme survived the progressive collapse following the potential
failure of the ground floor column.
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(a) Hat braced steel fame illustrating the critical members corresponding
to the failure of Column D2.
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Figure 5-60: The axial force that developed in selected members of the hat braced frame
following the failure of Column D2.

.
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5.5.4 Effect of the cable’s stiffness
Evaluating the effect of the cable’s stiffness on the performance of the proposed mitigation
scheme considers the effect of cable’s stiffness on the response of the critical members. The
variation of cable’s stiffness is accomplished by the varying the cross sectional area of the
cables as well as the elastic modulus of the cables. However, varying cable cross sectional
area will affect the capacity of the cables which is the key factor of the performance of the
mitigation scheme. In this investigations, varying cable cross sectional area is conducted
within the range that the cables response elastically. Therefore, the cable stiffness is
governing the performance below the elastic limit as illustrated in Fig. 5-61 in which K: is
the stiffness of the cable, A: is the area of the cable and L: is the length of the cable.

F (Force)

Increasing cable capacity
with increasing the cross
sectional area of the cable
Forces
limit
in the
adopted
cables

k 

EA
L

Increasing cable’s stiffness with increasing
the cross sectional area of the cable
∆ (elongation)

Figure 5-61: Stiffness and capacity varying of the cables with varying of cables cross
sectional area.

On the other hand, two kinds of cables with different elastic modulus are utilised in the
investigations. The cables’ types are steel rope cables (IWRS) with elastic modulus of 98.4
MPa and galvanised strand cables (GS) with an elastic modulus of 166 MPa (AS2841,
2005).
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In the parametric investigation, Fig. 5-62 illustrates the effect of the cable cross sectional
area on the vertical deflection of the points in the first floor above the failed column in the
adopted building models (10-storey, 15-storey and 20-storey building models). The
horizontal discontinuous line in Fig. 5-62 represents the ultimate deflection associated with
the ultimate rotation in the bridging beams over the failed column (refer to Table 5-2). It is
shown that the vertical deflections are significantly decreased with the increase of the cable
cross sectional area and its modulus of elasticity. The minimum values of cables’ cross
sectional area shown in Fig. 5-62 are corresponding to the limits of the cables’ capacities in
which the cables will fail beyond these limits. It is obvious that the vertical deflections
associated with the minimum cable cross sectional area are far less than the ultimate
vertical deflection in the case of the 10-storey building. Therefore, the capacity of the cable
is the dominant factor on the performance of the mitigating scheme of the adopted 10storey building model.

On the other hand, the results show that the vertical deflections associated with minimum
cross sectional area significantly exceeded the ultimate deflection in case of the adopted 20storey building model despite the elastic response of the cable. Nevertheless, it is shown
that the excessive elongation of the cables can be eliminated by increasing the stiffness of
these cables. Also, it was shown that despite the severe damages that can occur at the ends
of the beams when the ultimate deflection was exceeded, the integrity of the structure
remain intact by utilizing the proposed mitigation scheme. For the 15-storey building, the
ultimate deflection is slightly exceeded with decreasing cable stiffness especially when
utilizing the flexible cable (IWRS) rather than the stiff cable (GS). It is obvious that the
cables’ stiffness has a significant influence on the progressive collapse mitigation in the 20156

storey building rather than the cable capacity that governs the mitigation of the 10-storey
building. Accordingly, the cables’ stiffness become the dominant factor in designing the
cables rather than the cables’ capacity when the ultimate deflection is the governing failure
criterion. Also, it is recommended to use cables with large size and/or large stiffness to
accommodate the excessive deflection.

The parametric results illustrated in Fig. 5-63 show that the transferred axial forces by the
cables increase with the increase in the cable’s stiffness that is demonstrated by the increase
in cable’s cross sectional area. Also, the values of the transferred loads by utilizing the
relative resilient cables (IWRS) are less than those obtained by utilizing the relative stiff
cables (GS). In addition the parametric investigations include the effect of the cables’
stiffness on the developed loads in the hat braced frame members. It is shown that the
developed forces in the hat braced frame members are increased with increases in cables’
stiffness as depicted in Fig. 5-64. On the other hand, it as shown that the developed forces
in the adjacent columns are increased with increases in cables’ stiffness. Fig. 5-65
illustrates the change in the maximum developed forces in the adjacent columns to the
failed column with the cables’ size. Thus, utilising flexible cables will reduce the forces
developed in the adjacent columns and provide conservative response. Accordingly, it is
recommended to use cables with minimum size and minimum stiffness to reduce the
developed forces in the structural members of the mitigation scheme in which allow using
the minimum sizes of these structural members.
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(a) 10-storey building.
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Figure 5-62: Change of the maximum deflections above the failed column with the nominal
area of the retrofitting cable.
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Figure 5-63: Change of the maximum cable forces above the failed column with the
nominal area of the retrofitting cable.
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Figure 5-64: Change of the maximum forces in the hat braced frame members with the
cables’ nominal area.
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Figure 5-65: Varying of the maximum forces in adjacent column (Column D3) to the failed
column (Column D2).
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5.6 Cost estimation
This section highlights the cost estimation of implementing the proposed mitigation
scheme. The relative cost of the mitigation scheme to the building frame (only slabs, beams
and columns) is considered. In this study, the case study of mitigating a 10-storey new
building model that was specified in Section 5.4 is considered in the cost estimation. In
addition, the increase in the total average cost of different building projects including
residential with different finishing quality (banks, hotels of different qualities and hospitals)
that have the same frame (the 10-storey frame as specified in Section 5.4) are considered.

The estimation of the average cost of the considered 10-storey building frame (based on
Rawlinsons, 2011) is shown in Table 5-12. On the other hand, the estimation of the average
cost of the proposed scheme (based on Cordell Commercial and Industrial, 2011) to
mitigate the considered 10-storey reinforced concrete building is $M 1.85. Table 5-12
shows the relative cost of the mitigation scheme to the original cost of the building frame.
Also, Table 5-12 shows the estimation of the average cost of different building projects
without the mitigation (based on Rawlinsons, 2011) as well as the increase in the average
cost of these projects by implementing the proposed mitigation scheme.

Table 5-12 also shows fixed costs of the mitigation scheme and the conventional building
frame for different building projects. The fixed costs of the building frame and the
mitigation scheme resulted in fixed relative cost of the mitigation scheme to the original
cost of the building frame. However, Table 5-12 shows various costs of the building
projects in which the costs of these projects increased with increasing in the demanded
quality requirements of these building projects. Consequently, the relative cost of the
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proposed mitigation scheme to the original cost of the building projects have varied
following the variation in the building projects’ cost. It is obvious from Table 5-12 that the
relative increase in the projects’ cost by implementing the proposed mitigation scheme
decreased with the increasing in the original building projects’ cost which renders adopting
the proposed mitigation scheme is economically suitable for these projects.

Table 5-12: Cost estimation of the considered 10-storey building model including the
frame’s average cost, projects’ average cost and the relative cost of the mitigation scheme.
Building project

Residential
- basic standard finish
- medium standard finish
- high standard finish
Administration offices
Offices
Hotels
- three stars hotels
- five stars hotels
Banks
Hospitals
- general
- maternity

Average estimated
cost of the building
frame ($ Million)

% cost of the
mitigation scheme to
the cost of the
building structure

Average estimated
cost of the building
project ($ Million)

% cost of the
mitigation scheme to
the total cost of the
project

2.89
2.89
2.89
2.89
2.89

64 %
64 %
64 %
64 %
64 %

12.8
13.7
17.0
18.2
20.8

14.4 %
13.5 %
10.9 %
10.2 %
8.9 %

2.89
2.89

64 %
64 %

26.1
34.0

7.1 %
5.4 %

2.89

64 %

34.7

5.3 %

2.89
2.89

64 %
64 %

36.8
29.3

5.0 %
6.3 %

5.7 Conclusion
The viability of the proposed mitigation scheme to resist progressive collapse of reinforced
concrete frame buildings is investigated. The new mitigation scheme is proposed for both
retrofitting existing buildings and upgrading new buildings to resist the progressive
collapse of reinforced concrete frame buildings that resulted from the potential failure of
columns. Three dimensional finite element modelling and a nonlinear dynamic analysis
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following the alternate path method recommended by the GSA (2003) and UFC (2009)
guidelines have been conducted to investigate the viability of the proposed scheme.
Conventionally reinforced concrete buildings designed according to the Australian
Standard AS3600 (2009) have been adopted in the investigations. The investigations
include assessing conventional 10-storey reinforced concrete building model before and
after the retrofitting by the proposed mitigation scheme. Different scenarios of column
failure were considered by adopting both GSA (2003) and UFC (2009) specified load
combinations in the investigation. The analysis results show the high vulnerability to the
progressive collapse of the adopted building model before retrofitting by the proposed
mitigation scheme. In contrast, it is shown that the progressive collapse of the same
building model have been prevented after retrofitting by the proposed mitigation scheme.
The progressive collapse resistance mechanism after implementing the proposed mitigation
scheme is discussed. It is shown that load path provided by the vertical cables and the hat
braced frame are responsible for redistributing the majority of the residual loads. On the
other hand, the analysis results showed that the rest of the residual loads were redistributed
by the bridging beams above the failed columns. In addition, the improved progressive
collapse resistance of a new conventional designed building which have been upgraded by
the proposed mitigation scheme have been demonstrated. The investigation was conducted
by considering different scenarios of single column failures as well as different scenarios of
instantaneous failure of two adjacent columns. On the other hand, the investigations have
considered 15-storey and 20-storey buildings as well as the considered 10-storey building
in a parametric evaluation. Also, the effects of the cables’ stiffness on the performance of
the mitigation scheme have been evaluated. In this study, varying the cables’ stiffness is
conducted by varying the cross sectional area and the elastic modulus of the cables. Based
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on the investigations, the analysis results showed the viability and the efficiency of the
proposed scheme in the mitigating the progressive collapse of the considered reinforced
concrete building models. However, the vertical deflection above the failed column
increased with the increase in the number of the storeys due to the increase in the cables
elongation in which the ultimate deflection might be exceeded. Nevertheless, it is shown
that the excessive elongation of the cables can be eliminated by increasing the stiffness of
these cables. Also, it was shown that the integrity of the structure remain intact by utilizing
the proposed mitigation scheme even when the ultimate deflection have exceeded.
Accordingly, the progressive collapse of the reinforced concrete buildings can be resisted
by implementing the proposed mitigation scheme.
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CHAPTER SIX
A Simplified Design and Analysis Technique

6.1 Introduction
Different structural and finite element programs are usually utilised in the progressive
collapse investigations (Suzuki et al. 2003, Fu 2009, Khandelwal and El-Tawil 2007,
Khandelwal et al. 2008a, Khandelwal et al. 2008b, Bao et al. 2008, Abruzzo et al. 2006,
Marjanshvili and Agnew 2006, Foley et al. 2008, Tsai and Lin 2008 and Mohamed 2009).
However, the high-fidelity computer programs include both time and cost implications as
well as requiring a substantial skill in modelling and analysis to conduct the progressive
collapse investigations. On the other hand, different simplified methodologies and analysis
procedures were developed and utilized in lieu of the complex simulation of the whole
buildings (Sucuoğlu et al., 1994, Dusenberry and Hamburger, 2006, Izzuddin et al., 2008
and Vlassis et al., 2008).

In this thesis, a new progressive collapse mitigation scheme has been proposed. The
investigations to demonstrate the viability of the proposed scheme are conducted by
utilising the general purpose finite element program ANSYS 11.0 (2008). In the previous
investigations presented in Chapter five, the vertical cables of the mitigation scheme were
designed to carry the total residual loads that resulted from the removal of the failed
columns. The residual loads that resulted from the failure of the columns are equal to the
gravity loads imposed on the floors considering the tributary area of the corresponding
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columns. The load combination 2(D.L.+0.25L.L.) recommended by the GSA (2003)
guidelines for the progressive collapse analysis was considered for the imposed gravity
loads. However, the results that were obtained and evaluated in Chapter five showed that
the bridging beams above the failed columns have contributed in the resistance mechanism
together with vertical cables. Accordingly, the design procedure followed in Chapter five
for designing the vertical cables provides high conservative results. On the other hand, the
results in Chapter five have demonstrated the elongation of the cables and columns above
the failed columns. The design of the cables in Chapter five do not consider the expected
the elongation of the cables in which the ultimate deflection above the failed column might
be exceeded despite the elastic response of the cables as demonstrated in Chapter five.

In this chapter, a novel simplified technique based on energy balance is developed for
designing the vertical cables above the failed column of the proposed progressive collapse
mitigation scheme. Also, the vertical deflections of points in floors above the potential
failed column are calculated by the developed technique. The developed simplified design
technique considers the contribution of the bridging beams as well as the vertical cables in
the progressive collapse resistance mechanism in the design of the vertical cables. In
addition, the developed simplified technique considers the elongation in the cables above
the failed column to avoid the excessive deflections beyond the ultimate deflection. In this
chapter, Section 6.2 includes developing the simplified technique followed by Section 6.3
that include verification and application examples. Finally Section 6.4 includes the main
conclusion obtained in this chapter.
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6.2 Design technique
6.2.1 Modelling
The discussion presented in Chapter three shows that the stability of the building is
disturbed following the failure of the column that stem from the interruption in the original
load path. However, installing the vertical cables that are supported at the top of the
building by a hat braced frame as proposed in the new scheme will compensate the
interruption in the load path. In the proposed design technique, the energy balance method
is adopted in which the equilibrium between the external work and the internal work is
implemented in order to determine the demanded cables for preserving the stability of the
building.

The developed technique comprises developing a one dimensional idealization of the
building models. In the modelling, only the effect of the building substructure including the
spans on either sides of the potential failed column is considered as illustrated in Figure. 61. Fig. 6-1(a) shows the considered substructure of a building model which consisted of
beam elements and vertical elements that combining both the vertical columns and cables.
In the substructural model, nonlinear rotational springs are utilized at the ends of the
bridging beams and the beams are represented by rigid segment between the ends. The
nonlinear rotational springs at the ends of the beams have a nonlinear rotational stiffness
(Kθ) that represents the potential plastic hinges at the ends of the beams.

The discussions in the previous chapters show that the columns above the failed column are
subjected to tension forces when the proposed mitigation scheme is implemented to prevent
the progressive collapse. Therefore, only the stiffness of the longitudinal reinforcements in
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the columns is considered in the modelling as recommended by FEMA 356 (2000) for the
tension reinforced concrete members. In the modelling, the vertical axial elements that
represent the columns have a nonlinear displacement stiffness Kr that demonstrate the
elasto-plastic behaviour of the columns’ reinforcement. However, the cable’s elements have
a linear axial stiffness Kc in the developed model. In addition, an equivalent axial stiffness
Keq is developed for the top part of the cable between the roof and the hat braced frame.
This equivalent linear stiffness Keq represents the cable with fixed end that equivalent to the
cable stiffness with specified deflection of the hat braced frame as shown in Fig. 6-1.

Floors’ load
on the
column
node
Column and
cable
elements
Column
and cable
elements

Linear
spring

Beam
element

Rotational spring

(a)

(b)

Figure 6-1: The sub-structural model above the failed column, (a) Front view of the double
bay of the substructure and (b) the equivalent one dimensional model of the double bay.
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In the developed simplified technique, the energy balance is adopted. Following the energy
balance, the external work is done by the imposed loads and the corresponding vertical
deflection. On the other hand, the internal work is done by the developed moment in the
end of the beams as well as the developed axial forces in the cables and columns above the
failed column and their corresponding rotations and vertical deflections, respectively.

In the idealizations, the effect of the beams and their corresponding end rotational springs
(see Fig. 6-1(a)) are replaced by equivalent axial vertical springs lumped at the beam
column connection as depicted in Fig. 6-1(b). The axial vertical springs that equivalent in
effect to the beams and their corresponding end rotational springs have an equivalent
nonlinear axial stiffness Kv. The stiffness of the axial spring (Kv) that equivalent to the
rotational spring (Kθ) is derived based on the deformation developed in the floors above the
failed column as depicted in Figure 6-2, where L is the beam length, P is the point load that
is equivalent to the distributed gravity load on the floor, M is the developed bending
moment at the end of the beam that resulted from the imposed loads, ∆ is the vertical
deflection that resulted from imposed load and θ is the developed rotation at the end of the
beam that resulted from the imposed loads. The stiffness of the rotational spring at the end
of the beam is given by:

K 

M


(6.1)

The developed moment at the end of beam equals to:
M=P x L
From the triangle shown in Fig. 6-2:
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(6.2)


L

tan() 

(6.3)

But   tan() for small values of  .


L

 

(6.4)

P
L

M
θ

∆

Figure 6-2: Sub-assemblage of the beam with end rotational spring.

By substitution Equations (6.2) and (6.4) in Equation (6.1) and rearranging yields:
K 

P 2
L


(6.5)

But the displacement stiffness of the spring equal to:
Kv 

P


 Kv 

K
L2

(6.6)

(6.7)

For the nonlinear elements, secant stiffness is adopted based on the force displacement and
moment rotation for the columns’ reinforcement and beam’s rotational springs,
respectively. Thus, the secant stiffness (Kr) of the longitudinal reinforcements is derived
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from axial elasto-plastic force elongation relationship of the column’s reinforcement as
depicted in Fig. 6-3, where Py is the yield force, uy is the yield elongation and um is
elongation of the reinforcement.

Force
Py

Kr
um

uy

Elongation

Figure 6-3: Elastic perfectly plastic modelling of the column reinforcement.

The nonlinear relationship of the force elongation of the steel reinforcement that depicted in
Fig. 6-3 stems from the elasto plastic stress strain relation of the steel bars that given by:

E s ε s
f s (ε s )  
 f sy

0  ε s  0.0025
0.0025  ε s  0.15

(6.8)

Where, fs is the stress in the steel bars, fsy is the yield strength of the steel bars, s is the
strain of the steel bars and Es is the elastic modulus of the steel bars.

Based on the total area of the reinforcement bars (As) and the length of the column between
the floors (Lc), the force elongation relation is derived in which:
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Ps (um) = fs (s) x As

(6.9)

um = s x Lc

(6.10)

and

The secant rotational stiffness (K) of the moment resistance at the ends of beams is
illustrated in Figure 6-4. A nonlinear moment rotation relation for the rotational spring is
given by:
k eθ h

m h (θ h )  
M y  k p (θ h   y )

0  θh  θy
θ y  θh  θu

(6.11)

Where; mh is the moment at the plastic hinge, h is the rotation at the plastic hinge, My is
the moment when the flexural reinforcements of the beam are yielded, Mu is the ultimate
moment of the section, y is the yield rotation of the section, u is the ultimate rotation of
the section, Ke is the elastic rotational stiffness and Kp is the plastic rotational stiffness.

It is obvious that several approximations have been implemented in the simplified model.
Among these approximations, the deformations in the adjacent columns are neglected,
flexible deformation in the beam segment is neglected, moment resistance at the face of the
failed column is neglected and the catenary resistance are also neglected. In the developed
model, the hat braced frame has been not modelled. However, an approximate effect of the
deflection of that hat braced frame is considered by assuming the value of the vertical
deflection of the hat braced frame.
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Moment (mh)

Mu
My

Kp
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Kθ
θy

θh

θu

Rotation (h)

Figure 6-4: Elastic plastic modelling of the rotational plastic hinge.

The assemblage element stiffness comprises the effect of the cable (Kc), column’s
reinforcement (Kr) and the displacement axial stiffness (Kv) that equivalent to the rotational
stiffness of the plastic hinges is denoted by Kei and given by:

k  k ri  k vei
K ei   c
  (k c  k ri )

 (k c  k ri )
k c  k ri 

(6.12)

The total stiffness of the one dimensional idealization of the sub-structure then equal to:

K e1 0
 0 K
e2

 0
0
KT  



0
 0

0
0
K e3

0

0 
0 
0 




K en 

(6.13)

Applying the static equilibrium equation:
KT V = P
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(6.14)

In which;
V  v1

v 2  vi  v n 

T

(6.15)

Where V is the vector of vertical displacement in the storeys in which vi represents the
vertical deflection in the ith storey.
And;
P  p1

p 2  pi  p n 

T

(6.16)

Where P is the vector of vertical imposed loads in the storeys in which pi is the equivalent
point load to the total distributed load acting at the ith storey above the failed column.

Substitution Equations (6.13), (6.15) and (6.16) in Equation (6.14) yields:
K e1
 0

 0




 0

0

0

K e2

0

0

K e3

0

0

0 
0 
0 




K en 

 v1   p1 
v  p 
 2  2
 v3   p3 
  
   
   
   
 v n  p n 

(6.17)

In the analysis, the nonlinearity in the stiffness matrix is considered by adopting the secant
stiffness matrices corresponding to the beams’ plastic hinges and the elastic perfectly
plastic longitudinal reinforcement of the columns. However, the cables which are the key of
the mitigation scheme which proposed to response elastically are represented by elastic
stiffness. In this new design technique, it is proposed setting the cable stiffness as unknown
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in the equilibrium Equation (6.17) in which also considered the key for preserving the
equilibrium of the structure by implementing the proposed mitigation scheme.

6.2.2 Boundary conditions
In this simplified technique, the deflection at the hat braced frame (∆o) is assumed in which
provided the required the boundary condition for the simple one dimensional idealization to
solve the equilibrium equation. However, the stiffness of the cables that is required to be
designed is unknown thus rendering the simultaneous equilibrium equations as
indeterminate. To overcome the indeterminacy of the simultaneous equilibrium equations,
additional boundary condition is required. The additional boundary condition can be
obtained from the progressive collapse criteria by considering the mitigation scheme. There
are two independent cases of the failure, the first case is the failure of the cable and the
second case is the violation of the ultimate deflection that occur immediately at the point
just above the failed column due to the elongation of the columns and their corresponding
cables.

In the first case, when the cable capacity governs the failure, the maximum allowable stress
(σc) in the cable is set to equal to the cable yield strength (fy) in which:
σc = fy

(6.18)

Therefore the maximum allowable cable strain εc becomes:
εc  ε y 

fy
Ec

In which; εy is the yield strain of the cable and Ec is the elastic modulus of the cable.
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(6.19)

The maximum elongation of the cable in the point at the level of the building’s roof
(∆maximum) is:
Δ maximum  ε c  L r

(6.20)

In which Lr is the distance between the point where cable connection to the hat braced
frame and the point at the level of the building’s roof.

When the ultimate deflection governs the failure, the boundary condition in this case is the
ultimate deflection (∆ultimate) at the point just above the failed column which is equal to:
∆ultimate = θu x Lb

(6.21)

In which; θu is the ultimate rotation at the end of the bridging beam and Lb is the clear
distance between the columns.

In the design scheme, the cable’s element is connected to the hat braced frame at the joints
as shown in Fig. 6-5(a). When the load is transferred from the cable to the hat braced frame,
the hat braced frame will undergo vertical deflection at the connection point as shown in
Figure 6-5(b). The stiffness of the last line element representing the cable between the roof
and the hat braced frame with zero end deflection (at the point of hat braced frame) that
equivalent to the stiffness with a specific deflection of the hat braced frame is derived.
Figure 6-5(c) illustrates the developed model of the equivalent stiffness.
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The cable and the hat braced frame
connection joint

∆o Deflection in the hat

Force
F

The equivalent
stiffness of the top

braced frame
Ktop

Stiffness of the top
cable

Ko
The cable
element

(a)

Xo Deflection in the

Xo

cable element

(b)

∆o

Deflection

(c)

Figure 6-5: The spring representation at the top element below the hat braced frame; (a)
before the deformation, (b) after the deformation and (c) the developed model force
deformation of the equivalent spring.

Referring to Figure 6-5(c), the vertical displacement (∆o) represents the vertical deflection
of the hat braced frame. The top element below the hat braced frame will undergo vertical
elongation equal to Xo. The stiffness of the element below the hat braced frame is equal to:
Ko 

F
Xo

(6.22)

Rearranging by putting the force on the left hand side of the equation yields:
F = Ko Xo

(6.23)

The equivalent top stiffness of the element accounted for the hat braced frame deflection is
equal to:

K top 

F
Xo  Δo
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(6.24)

Rearranging by putting the force on the left hand side of the equation yields:
F = Ktop (Xo + ∆o)

(6.25)

By equating Equations (6.23) and (6.25) and rearranging yields:

K top  K o

Xo
Xo  Δo

(6.26)

Equation (6.26) represents the equivalent stiffness of the cable at the top of the building and
just beneath the hat braced frame. By utilizing this equivalent stiffness, a boundary
condition with zero deflection at the connection point with hat braced frame can be
considered.

6.2.3 Solving the equilibrium equations:
An iterative Newton’s method (Faires and Burden, 1998) is utilized for solving the
equilibrium equations of the sub-structure idealization. A secant stiffness is adopted in
representing the nonlinear stiffnesses. Newton’s method calculates the approximate
solution V of the nonlinear system of equations that represented by the vector equation
F(v)=0 in which the left hand is;
F(v)=(f1(v), f2 (v), . . . . . . ., fn (v))t
Where;
f1(v)= f1(v1, v2, v3 ,. . . . , vn),
f2(v)= f2 (v1, v2, v3 ,. . . . , vn),
.
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(6.27)

.
fn(v)= fn (v1, v2, v3 ,. . . . , vn)

Then the approximate solution will be:
V (m)  V (m1)  [J(V (m1) )]1 F(V (m1) )

for m>=1

(6.28)

In which;

 f1 (v)
 v
1

f
(v)

 2
J(v)   v1
 
 f (v)
 n
 v1

f1 (v)
f1 (v) 

v 2
v1 

f 2 (v)
f 2 (v) 

v 2
v n 

 
f n (v)
f n (v) 

v 2
v n 

(6.29)

In this developed technique, the stiffness of the cable is set as unknown. The boundary
conditions that consider the failure associated to the proposed mitigation scheme (ultimate
elongation in the cables that related to the cable capacity and the ultimate deflection just
above the failed column) that specified in subsection 6.2.2 are applied in addition to the
main boundary condition (deflection at the hat braced frame) in order to solve the
equilibrium equations. Applying the boundary conditions by considering the first case of
the boundary condition in which the deflection at the point at the level of the building’s
roof vn is set equal to (∆o+∆maximum) in the displacement vector which is constant and the
unknowns are the values of deflections in other storeys (vi) and the cable stiffness (kc). In
addition, zero deflection at the top of the building is adopted. The initial values of vi and kc
are assumed. Then the constant value vn is replaced by the variable value kc in Equation
(6.15) yields:
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V  v1

v2  vk  k c 

T

Also replacing the last derivative (

(6.30)

f i (v)
f (v)
) in Equation (6.29) by the derivative ( i
)
v n
k c

yields:

 f1 (v)
 v
1

f
(v)

2

J(v)   v1
 
 f (v)
 n
 v1

f1 (v)
f1 (v) 

v 2
k c 

f 2 (v)
f 2 (v) 

v 2
k c 

 
f n (v)
f n (v) 

v 2
k c 

(6.31)

By substituting Equations 6.30 and 6.31 in Equation 6.28, the values of the cable stiffness
and the deflections in the floors above the failed column will be calculated.

When considering the second case of the boundary condition, the value of the deflection in
the first floor (v1) is set to the constant value of the ultimate deflection ∆ultimate. Then the
value of the deflection in the second floor (v1) above the failed column is replaced by the
variable kc in Equation (6.15) yields:
V  k c

v2  vk  vn 

T
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(6.32)

Also replacing the last derivative (

f i (v)
f i (v)
) in Equation (6.29) by the derivative
v1
k c

yields:
 f1 (v)
 k
c

f
(v)

 2
J(v)   k c
 
 f (v)
 n
 k c

f1 (v)
f1 (v) 

v 2
v n 

f 2 (v)
f 2 (v) 

v 2
v n 

 
f n (v)
f n (v) 

v 2
v n 

(6.33)

By Substituting Equations 6.32 and 6.33 in Equation 6.28, the values of the cable stiffness
and the deflections in the floors above the failed column will be calculated.

The flow chart shown in Fig. 6-6 illustrates the solution steps of the developed technique
that include the simplified one dimensional idealisation and the iterative Newton’s method
for solving the nonlinear equilibrium simulations equations that modified in order to design
the vertical cables. Also, the solution procedure shown in Fig. 6-6 is programmed and
written by utilising the MATLAB 7.8.0 (2009) software in which the program is presented
in Appendix B. The program that presented in Appendix B comprises:
(a) The inputs that include:
1. Defining the number of storeys.
2. Defining the location of the failed column (either interior, edge or corner).
3. Defining the floor and roof loads.
4. Defining the area of the columns’ longitudinal reinforcements. The
variations in the columns’ longitudinal reinforcements within the different

182

floors are included. The program request the number of the reinforcements’
groups (the similar reinforcements’ area in sequence floors are set in groups)
and the floors corresponding to each group (the bottom and the top floor for
each group).
5. Defining the moment rotation relation at the ends of the bridging beams (the
yield and ultimate moments and their corresponding rotations).
6. Defining the length of the beams and columns.
7. Defining the material properties of the utilised cables (elastic modulus and
strength).
8. The assumed deflection in the hat braced frame.
(b) The outputs that include:
1. The required design area of the cable to prevent the potential progressive
collapse.
2. The developed cable forces that used in designing the hat braced frame.
3. The vertical deflections in the floors above the failed column.
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Specify section properties of
beams, material properties and
column reinforcement.
Specify floors loadings.

Boundary conditions:
1.Specify the ultimate strength of the
cables.
2.Specify limit of vertical displacement in
the point above the failed column.

Compute the limit of vertical deflection at the
top of the building (Eqs. 6.18 to 6.20).

Establish P-∆ relations of the column reinforcement
(Eqs. 6.8 to 6.10). Establish M-θ relations at the ends of
the beams (Eq. 6.11)

Estimate the vertical deflections at the other storeys

Compute the secant stiffness of the column reinforcement (Fig.
6-3) and the secant stiffness of the rotational spring (Fig. 6-4).
Compute the secant stiffness of the
column reinforcement (Fig. 6-3) and the
secant stiffness of the rotational spring
(Fig. 6-4).

Compute the equivalent linear stiffness (Kv) to
the rotational one (Kθ), Eq. 6.1.

Compute the equivalent linear stiffness (Kv) to
the rotational one (Kθ), Eq. 6.1.

Solve the equilibrium equation in term of the cable
stiffness and the deflections in the floors by
considering constant limit vertical deflection at the
top of the building (Eqs. 6.28, 6.30 and 6.31)

No

Solve the equilibrium equation in term of the cable
stiffness and the deflections in the floors by
considering constant ultimate vertical deflection
above the failed column(Eqs. 6.28, 6.32 and 6.33)

Is the equilibrium
solution satisfied

Yes
Is the equilibrium
solution satisfied
Is the vertical deflection
above the failed column
<= ultimate deflection

No
Yes
Output; vertical deflection
in each floor and the cable
stiffness

Yes

Figure 6-6: The simplified design and analysis flow chart.
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No

6.3 Applications
The 10-storey, 15-storey and 20-storey reinforced concrete buildings described in Chapter
five are considered in the applications. In these applications, Galvanized steel cables with a
yield strength equal to 1350 MPa and elastic modulus equal to 166 MPa (AS 2841, 2005)
are utilized for the mitigation scheme. In the considered building models, the length of the
top part of the cable equal to 0.5 m is assumed. A deflection equal to L/250 of the hat
braced frame above the failed column is assumed in which L is the clear span of the beams.
By implementing the developed technique and utilising the written program code that
presented in Appendix B, the cables corresponding to the mitigation scheme corresponding
to the 10-storey, 15-storey and 20-storey building models are designed. The designed
cables corresponding to the failure of interior, edge and corner ground floor columns are
illustrated in Table 6-1. In addition, Table 6-1 shows the maximum resulted deflections that
are determined in the point in the first floor above the failed ground floor column.

Table 6-1: The designed cross sectional area of the mitigation cables and the predicted
vertical deflections in the second floor above the failed column and by adopting the
simplified design method.

10-storey building
15-storey building
20-storey building

Interior
column
4768.7
7608.3
16325

Cable area (mm2)
Edge
Column
3457.9
5254.2
10820

Corner
column
2391.5
3656.4
6093.9

Maximum deflection (m)
Interior
Edge
Corner
Column
column
column
0.0782
0.0677
0.0579
0.1276
0.1179
0.0967
0.1276
0.1276
0.1276

From the results shown in Table 6-1, it is obvious that the designed cables for the 10-storey
building considering the failure of interior, edge and corner columns have resulted in
vertical deflections far less than the ultimate deflection (0.1276 m). The small resulted
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deflections corresponding to the designed cables indicate that the strength of the cables is
the dominated criterion in designing these cables. However, for the case of the 20-storey
building, the designed cables are resulted in equivalent vertical deflection regardless the
cable area or the location of the cables (see Table 6-1). In addition, the resulted deflections
in the different cases of column failure in the 20-storey building are equal to the ultimate
deflection (0.1276) above the failed column. Accordingly, the designed cables are governed
by ultimate deflection criterion above the failed columns in the 20-storey building for all
interior, edge and corner columns failure due to the large elongation in the cables. In the
15-storey building, the design cables are governed by the cables’ strength criterion in the
cases of edge and corner column failure while governed by the deflection criterion
following the failure of interior column (see Table 6-1).

6.3.1 Verifications and comparison with finite element modelling
The results that obtained by implementing the written program in MATLAB 7.8.0 (2009)
that corresponding to the developed technique is verified by utilising the general finite
element program ANSYS 11.0 (2008). A nonlinear static analyses are conducted by
adopting the load combination equal to 2(D.L.+0.25L.L.) that recommended by the GSA
(2003) guidelines for the equivalent static analysis in which the dynamic load factor (2) is
considered to account for the dynamic effect. The 10-storey and 15-storey building models
considering the scenario of interior column failure are selected for the verification in which
the capacity of the cables is governing the failure in the first model while the deflection
above the failed column is governing the failure in the later model.
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Three modelling simulation are implemented for comparison. The first modelling
simulation demonstrates the one dimensional idealisation of the building models by utlising
the general purpose finite element program ANSYS 11.0 (2008). In this modelling
simulation, the column elements and the cables are modelled by similar procedure that
specified in Chapter four. Based on the columns’ reinforcement area, the length of the
columns between the floors and the properties of the reinforcement; the force deflection
relation is established and used in defining the properties of the Element (COMBIN39).
The cables are modelled by using the axial Element (COMBIN10). In the cable element,
the area of the cable is defined by implementing the obtained value from the developed
technique (the values in Table 6-1) in addition to the elastic modulus of the cable material.
Axial nonlinear Elements (COMBIN39) is utilised to model the axial element that
equivalent in effect to the beams on either side of the failed column and their corresponding
nonlinear rotational springs that represent the potential plastic hinges. The properties of that
axial element are derived from the properties of the plastic hinge and the length of the
corresponding beams. In the modelling the support at the top of the cable, the support is
allowed to deflect with a value equal to the assumed hat braced frame deflection. Figs. 6-7
and 6-8 illustrate the deformation results obtained by implementing the one dimensional
idealisation by using ANSYS 11.0 (2008) in analysing both the 10-storey and 15-storey
building models following the failure of the ground floor interior column.
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Figure 6-7: Deformed shape and the deflection results above the failed column in the one
dimensional idealisation model of the 10-storey building, failure of the ground floor interior
column.

Figure 6-8: Deformed shape and the deflection results above the failed column in the one
dimensional idealisation model of the 15-storey building, failure of the ground floor interior
column.
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The second modelling simulation includes establishing the substructure model that include
only the beams on either side of the failed column, the column elements and cable
elements. In this model, the same elements and the modelling procedure of the detailed
three dimensional finite elements excluding the hat braced frame and the beams and
columns in the adjacent bays. Similar to the one dimensional idealisation, the area of the
cable is defined by implementing the obtained value from the developed technique. Also, in
the modelling the support at the top of the cable, the support is allowed to deflect with a
value equal to the assumed hat braced frame deflection. Figs. 6-9 and 6-10 illustrate the
deformation results of the 10-storey and 15-storey buildings following the interior column
failure that obtained by adopting the substructure model by using ANSYS 11.0 (2008).

Figure 6-9: Deformed shape and the deflection results above the failed column of the
substructure model of the 10-storey building, failure of the ground floor interior column.
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Figure 6-10: Deformed shape and the deflection results above the failed column of the
substructure model of the 15-storey building, failure of the ground floor interior column.

Finally, the third model include the detailed three dimensional finite element modelling that
developed in Chapter four and utilised in the investigations that presented in Chapter five is
adopted by utilising the general finite element program ANSYS 11.0 (2008). Similar to the
above models, the area of the cable is defined by implementing the obtained value from the
developed technique. Figs. 6-11 and 6-12 illustrate the deformation results obtained by
adopting the detailed three dimensional finite element modelling by using ANSYS 11.0
(2008). The results shown in Figs. 6-11 and 6-12 are corresponding to the 10-storey and 15sturey building models and considering the interior column failure.
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Figure 6-11: Deformed shape and the deflection results above the failed column of the
detailed three dimensional finite element model of the 10-storey building, failure of the
ground floor interior column.

Figure 6-12: Deformed shape and the deflection results above the failed column of the
detailed three dimensional finite element model of the 15-storey building, failure of the
ground floor interior column.
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The comparison results of the deflections in the floors above the failed column are
summarised in Tables 6-2 and 6-3. These deflection results include the results obtained by
considering the developed technique, the one dimensional idealisation, substructure model
and the detailed three dimensional model by ANSYS 11.0 (2008), respectively. It is
obvious that the same results are obtained from the one dimensional idealisation (refer to
the first and the second columns in Tables 6-2 and 6-3) by utilising both the developed
program by MATLAB 7.8.0 (2009) that corresponding to the developed technique and the
general finite element program ANSYS 11.0 (2008). Thus, the validity of the written
program that includes designing the cables is demonstrated. Furthermore, the comparisons
obtained from the developed technique with the substructure model and the three
dimensional detailed finite element modelling show that the proposed simplified technique
predicts vertical deflections in the floors above the failed column with a reasonable
accuracy compared with those obtained by the substructural modelling and the detailed
three dimensional finite element analysis.

Table 6-2: Vertical deflections in metre at the points along the edge failed column, 10storey building (the assumed deflection at the hat braced frame is L/250).
Location of
the deflected
point
1st floor
2nd floor
3rd floor
4th floor
5th floor
6th floor
7th floor
8th floor
9th floor
roof
At the truss

Developed
technique
(MATLAB)
0.0782
0.0775
0.0761
0.0740
0.0712
0.0657
0.0591
0.0511
0.0406
0.0277
0.0236

One dimensional
idealisation
(ANSYS)
0.0782
0.0775
0.0761
0.0740
0.0712
0.0656
0.0590
0.0511
0.0406
0.0277
0.0236
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3D sub-structure
model
(ANSYS)
0.0712
0.0705
0.0693
0.0674
0.0649
0.0599
0.0540
0.0470
0.0384
0.0273
0.0236

Detailed 3D finite
element model
(ANSYS)
0.0640
0.0633
0.0620
0.0601
0.0575
0.0524
0.0463
0.0391
0.0297
0.0178
0.0139

Table 6-3: Vertical deflections in metre at the points along the edge failed column, 15storey building (the assumed deflection at the hat braced frame is L/250).
Location of
the deflected
point
1st floor
2nd floor
3rd floor
4th floor
5th floor
6th floor
7th floor
8th floor
9th floor
10th floor
11th floor
12th floor
13th floor
14th floor
roof
At the truss

Developed
technique
(MATLAB)
0.1276
0.1270
0.1258
0.1240
0.1216
0.1172
0.1120
0.1060
0.0990
0.0910
0.0814
0.0702
0.0575
0.0433
0.0274
0.0236

One dimensional
idealisation
(ANSYS)
0.1276
0.1270
0.1258
0.1240
0.1216
0.1172
0.1120
0.1060
0.0990
0.0910
0.0814
0.0702
0.0575
0.0433
0.0274
0.0236

3D sub-structure
model
(ANSYS)
0.1055
0.1050
0.1040
0.1025
0.1005
0.0969
0.0926
0.0875
0.0818
0.0753
0.0681
0.0598
0.0502
0.0392
0.0268
0.0236

Detailed 3D finite
element model
(ANSYS)
0.1054
0.1049
0.1039
0.1024
0.1004
0.0968
0.0925
0.0874
0.0817
0.0752
0.0679
0.0595
0.0498
0.0386
0.0260
0.0226

Further comparisons between the developed technique and the detailed three dimensional
finite elements are illustrated in Tables 6-4 to 6-6. The comparisons include the 10-storey,
15-storey and 20-storey building models and considering different scenarios of column
failure including interior Column D2, edge Column E2 and corner Column E1 (refer to Fig.
5-1). Tables 6-4 to 6-6 show that the proposed simplified technique predicts vertical
deflections in the floors above the failed column with a reasonable accuracy compared with
those obtained by the detailed three dimensional finite element analysis.

It is obvious in all cases when the ultimate deflection is governing the failure that the
resulted deflection by the detailed three dimensional analysis are less than these ultimate
deflections. Thus, the designed cables by the developed technique provide the required
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reasonable conservative performance of the mitigation scheme. On the other hand, the
results corresponding to the failure of corner column in the 10-storey and 15-storey
buildings (Table 6-6) show that the detailed finite element modelling predicts higher
deflections than those obtained by the developed technique. However, these results are far
less than the ultimate deflections above the failed column as well as the critical criterion is
the cable capacity rather than the deflection in these cases.

Table 6-4: Vertical deflections in metre at the points along the interior failed column.
Location of
the deflected
point
1st floor
2nd floor
3rd floor
4th floor
5th floor
6th floor
7th floor
8th floor
9th floor
10th floor
11th floor
12th floor
13th floor
14th floor
15th floor
16th floor
17th floor
18th floor
19th floor
roof
At the truss

10-storey building
Developed
FEM
technique
Static
0.0782
0.0673
0.0775
0.0667
0.0761
0.0653
0.0740
0.0634
0.0712
0.0607
0.0657
0.0554
0.0591
0.0490
0.0511
0.0415
0.0406
0.0313
0.0277
0.0181

0.0236

0.0138

15-storey building
Developed
FEM
technique
Static
0.1276
0.1182
0.1270
0.1176
0.1258
0.1166
0.1240
0.1150
0.1216
0.1128
0.1172
0.1088
0.1120
0.1041
0.1060
0.0985
0.0990
0.0921
0.0910
0.0850
0.0814
0.0765
0.0702
0.0665
0.0575
0.0549
0.0433
0.0416
0.0274
0.0265

0.0236
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0.0225

20-storey building
Developed
FEM
technique
Static
0.1276
0.1237
0.1272
0.1233
0.1265
0.1225
0.1254
0.1214
0.1239
0.1198
0.1213
0.1179
0.1181
0.1155
0.1144
0.1128
0.1102
0.1096
0.1054
0.1061
0.1001
0.1011
0.0943
0.0956
0.0880
0.0896
0.0811
0.0831
0.0737
0.0760
0.0656
0.0685
0.0568
0.0602
0.0473
0.0511
0.0370
0.0412
0.0260
0.0305
0.0236
0.0280

Table 6-5: Vertical deflections in metre at the points along the edge failed column.
Location of
the deflected
point
1st floor
2nd floor
3rd floor
4th floor
5th floor
6th floor
7th floor
8th floor
9th floor
10th floor
11th floor
12th floor
13th floor
14th floor
15th floor
16th floor
17th floor
18th floor
19th floor
roof
At the truss

10-storey building
Developed
FEM
technique
static
0.0677
0.0626
0.0671
0.0621
0.0660
0.0610
0.0643
0.0593
0.0620
0.0571
0.0573
0.0525
0.0517
0.0470
0.0451
0.0405
0.0377
0.0330
0.0277
0.0227

0.0236

0.0182

15-storey building
Developed
FEM
technique
static
0.1179
0.1099
0.1174
0.1094
0.1164
0.1085
0.1148
0.1072
0.1128
0.1054
0.1089
0.1019
0.1042
0.0978
0.0987
0.0929
0.0925
0.0873
0.0854
0.0811
0.0772
0.0741
0.0674
0.0662
0.0558
0.0567
0.0426
0.0454
0.0277
0.0326

0.0236

0.0282

20-storey building
Developed
FEM
technique
Static
0.1276
0.1266
0.1273
0.1263
0.1266
0.1255
0.1257
0.1245
0.1244
0.1231
0.1218
0.1213
0.1186
0.1191
0.1150
0.1166
0.1108
0.1136
0.1062
0.1104
0.1010
0.1055
0.0952
0.1001
0.0890
0.0943
0.0822
0.0880
0.0749
0.0811
0.0669
0.0738
0.0580
0.0657
0.0483
0.0568
0.0378
0.0470
0.0264
0.0365
0.0236
0.0335

Table 6-6: Vertical deflections in metre at the points along the corner failed column.
Location of
the deflected
point
1st floor
2nd floor
3rd floor
4th floor
5th floor
6th floor
7th floor
8th floor
9th floor
10th floor
11th floor
12th floor
13th floor
14th floor
15th floor
16th floor
17th floor
18th floor
19th floor
roof
At the truss

10-storey building
Developed
FEM
technique
static
0.0579
0.0621
0.0575
0.0617
0.0566
0.0610
0.0553
0.0598
0.0536
0.0583
0.0499
0.0550
0.0454
0.0511
0.0402
0.0412
0.0343
0.0352
0.0277
0.0352

0.0236

0.03156

15-storey building
Developed
FEM
technique
static
0.0967
0.1044
0.0963
0.1041
0.0955
0.1034
0.0943
0.1024
0.0928
0.1012
0.0896
0.0985
0.0857
0.0953
0.0812
0.0916
0.0761
0.0874
0.0703
0.0827
0.0639
0.0773
0.0568
0.0715
0.0488
0.0651
0.0391
0.0581
0.0277
0.0509

0.0236
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0.04593

20-storey building
Developed
FEM
technique
Static
0.1276
0.1186
0.1273
0.1184
0.1266
0.1179
0.1256
0.1171
0.1243
0.1162
0.1216
0.1149
0.1185
0.1134
0.1149
0.1117
0.1107
0.1096
0.1060
0.1074
0.1007
0.1037
0.0950
0.0996
0.0887
0.9525
0.0819
0.0904
0.0746
0.0851
0.0666
0.0795
0.0577
0.0733
0.0480
0.0668
0.0376
0.0598
0.0262
0.0526
0.0236
0.0496

Furthermore, the comparison results that include the developed forces in the cables are
illustrated in Table 6-7 in order to examine performance of the developed technique
especially when the capacity of the cables is the governing criterion in the mitigation
scheme. The resulted cable forces obtained by the three dimensional finite element
modelling are compared with those obtained from the developed technique as shown in
Table 6-7. In addition, Table 6-7 includes the forces in the cables that were determined by
simple calculations considering the total gravity loads imposed on the tributary area of the
associated columns.

Table 6-7: The maximum developed forces in cables at points just beneath the hat braced
frame (kN).
Failed
column
Interior
column
Edge
column
Corner
column

10-storey building

15-storey building

20-storey building

Developed
technique

FEM
static

Simple
calculation

Developed
technique

FEM
static

Simple
calculation

Developed
technique

FEM
static

Simple
calculation

6427

6141

7993

9753

8249

12070

13780

11201

16147

4661

4152

5731

7082

6222

8718

10029

8440

11706

3223

2861

3901

4928

4232

5961

6824

5312

8022

By matching the results obtained from the developed technique, the three dimensional finite
element analyses and the simple calculations, it is shown that the results obtained by the
developed technique are within the reasonable accuracy with the detailed three dimensional
finite element modelling. Also, it is shown that all predicted developed forces in the cables
by the detailed three dimensional finite element modelling are less than those predicted by
the developed technique. Therefore, the designed cables by adopting the developed
technique provide reasonable conservative performance of the mitigation scheme regarding
to the capacity of the cables. Accordingly, the simulation results of the building examples
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show that the developed technique provides efficient procedure for designing the vertical
cables utilised in the mitigation scheme. Also, the results of the deflections in the floors and
the developed forces in the cables above the failed column showed a good agreement
between the developed technique and the three dimensional finite element modelling.

Further investigations have been undertaken by conducting the nonlinear dynamic analysis
considering the interior column failure of the three building models (10-storey, 15-storey
and 20-storey buildings). In these investigations the load combination (D.L.+0.25 L.L.) by
omitting the load dynamic factor (2) is adopted in the nonlinear dynamic analysis. The
resulted peak vertical deflections and peak developed tension forces in the cables above the
failed interior Column D2 (see Fig. 5-1) by adopting the developed technique and both the
nonlinear static and dynamic analyses by using the detailed 3-dimentional finite element
modelling are illustrated in Table 6-8.

Table 6-8: Peak vertical deflections and peak developed tension forces in the cables above
the failed interior Column D2 (see Fig. 5-1) by adopting the developed technique and both
the nonlinear static and dynamic analyses by using the detailed 3-dimentional finite element
modelling.

10-storey building
15-storey Building
20-storey Building

Peak cable force (kN)
Detailed
Developed Detailed
F.E.M.
F.E.M.
technique
(dynamic)
(static)
6427
6141
5110
9753
8249
6176
13780
11201
9221

Peak deflection (m)
Detailed
Detailed
Developed
F.E.M.
F.E.M.
technique
(dynamic)
(static)
0.0782
0.0673
0.0607
0.1276
0.1182
0.1026
0.1276
0.1237
0.1211

It is obvious that the developed technique and the nonlinear static analysis provide a
conservative solution in the progressive collapse investigation for the developed tension
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forces in the cables compared to the nonlinear dynamic analysis. These conservative results
stem from adopting the dynamic load factor of two as recommended in the GSA (2003)
guidelines for the nonlinear static analysis. Also the deflection results show conservative
results in the developed technique and the nonlinear static analysis compared with the
nonlinear dynamic analysis. However, the deflection results in all the considered analysis
methods are in reasonable agreement. In addition, the conservative results of the developed
tension forces in the cables are suitable for a margin safety in designing the cables by the
developed technique which is based on solving equilibrium static equations.

6.4 Summary
A new design technique is developed in the context of the new proposed mitigation
scheme. The new design technique includes developing a simplified multi degree of
freedom one dimensional idealization of the building model in which only the building’s
bays including the potential failed column are considered. This simplified technique is
developed for designing the vertical cables above the failed column as well as for
determining the vertical deflections of points in the floors above the failed column. This
technique is based on the energy balance in conjunction with utilizing Newton’s method in
solving the equilibrium equations of the multi degree of freedom system. The boundary
conditions are identified based on the progressive collapse failure criteria considering the
mitigation scheme. A flow chart that represents the solution procedure that demonstrates
the iterative solution incorporated in the proposed design technique is presented. In
addition, the solution procedure that incorporated the developed design technique is
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programmed and written by utilising MTALAB 7.8.0 (2009) software in which presented
in Appendix B.

Application and verification comparison with different finite element modelling simulation
by utilising the general purposes finite element program ANSYS 11.0 (2008) are presented.
The finite element modelling simulation by ANSYS 11.0 (2008) include the developed one
dimensional idealisation and the substructure modelling that developed and described in
this chapter as well as the three dimensional finite element modelling that developed in
Chapter four. Applications on the developed technique consider 10-storey, 15-storey and
20-storey reinforced concrete building models and different failure scenarios. The analysis
results show the viability of the developed technique for designing the vertical cables that
corresponding to the proposed mitigation scheme as well as in investigating the vertical
deflections in the floors above the failed column. Also, the analysis results showed good
agreement with marginal differences in the obtained results that obtained from the complex
three dimensional finite element modelling conducted by ANSYS 11.0 (2008) program. In
addition, it is shown that the marginal differences are in the conservative side.
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CHAPTER SEVEN
Discussion and Conclusions

7.1 Discussion
This thesis proposes a new design and retrofitting scheme to resist the progressive collapse
of reinforced concrete buildings resulted from a potential failure of a column or columns.
Progressive collapse of buildings resulted from local failure or member loss was not
explicitly considered in the design process before the last few decades. The local failure or
member loss in the engineered buildings and structures usually resulted from extreme
abnormal loads that stem from low probability extraordinary events. Records showed that
progressive collapse of buildings leads to catastrophic hazards causing life and properties
lost. Recently, progressive collapse has been implicitly and explicitly addressed in many
design codes and standards. In addition, several codes and standards have mandated
explicitly considering progressive collapse in designing some building projects according
to their occupancy and the potential hazards resulted from the progressive collapse.
Consequently, the design and retrofitting buildings to resist progressive collapse have
become one of the imperatives to comply with the recent requirements of the design codes
and standards. In this regard, this thesis contributes the solutions for reducing the risk of the
progressive collapse by proposing a new progressive collapse mitigation scheme.

This thesis starts with introduction to the issue of the progressive collapse of buildings
including the eminent progressive collapse cases, addressing the progressive collapse in the
design codes, standards and the general design guidelines to avoid the progressive collapse
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of buildings. Chapter two of this thesis reviewed the past studies related to the progressive
collapse of buildings including steel and reinforced concrete buildings. General robustness
provisions to resist the progressive collapse and analysis methods together with past studies
were also discussed. In addition, past proposals to reduce the risk of the progressive
collapse of buildings are highlighted in chapter two. In chapter two, it was shown that
several studies have linked the progressive collapse resistance with improved ductility,
continuity and redundancy of the seismic design. In contrast, other studies have
demonstrated that the inherited ductility and continuity of the seismic design have
negligible effect on the progressive collapse resistance. On the other hand, it was shown
that very few efficient schemes are available to prevent the progressive collapse of
buildings especially the reinforced concrete buildings.

In chapter three, a conceptual design including the new proposed design and retrofitting
scheme was presented. It was demonstrated that the failure of a column resulted from
unexpected abnormal loads will create unstable system with residual forces due to
interruption in load path. The proposed scheme in this thesis provides a redundant system
to compensate the support lost and redistributes the residual forces by providing an
alternate load path. The proposed scheme comprises steel cables installed parallel to
columns either externally placed for retrofitting existing buildings or internally embedded
in columns for new buildings. Also, the scheme includes a hat braced steel frame seated at
the top of the columns in which the vertical cables are hanged at that hat braced steel frame.
When a column failure occurs, the vertical cables transfer the floor loads upward to the hat
braced frame which in turn redistributes these transferred loads to the adjacent columns.

201

The proposed scheme can be classified within the alternate path method that was specified
and advocated by both GSA (2003) and UFC (2009) guidelines in which the column failure
is tolerated while the extent of failure to the other members is confined. In order to
investigate the performance of the proposed scheme in preventing the progressive collapse,
a nonlinear dynamic analysis following the alternate path method recommended by GSA
(2003) and UFC (2009) guidelines was implemented in the investigations. In this thesis, a
finite element method is utilized in the simulation and the analysis by adopting the general
finite element program ANSYS 11.0 (2008). The finite element simulation accounting for
the material nonlinearity and considering the new scheme applied to the traditional building
model was developed in Chapter four. Also, a finite element model was developed to
accommodate the link between the hat braced frame and the building as well as to
accommodate the expected load reversal in the columns above the failed column. In
addition to the finite element modelling, the dynamic analysis procedure utilized in the
investigations was described in Chapter four.

Chapter five of this thesis included investigations of the viability of the proposed scheme in
improving the progressive collapse resistance of reinforced concrete buildings. For
comparison purpose, the investigations included evaluating the progressive collapse
potential of a reinforced concrete building without implementing the proposed scheme. A
ten storey reinforced concrete frame building designed to carry gravity loads according to
Australian Standard (AS 3600, 2009) was adopted in the investigation considering three
independent scenarios of single ground floor column failures. The analysis results have
demonstrated the progressive collapse vulnerability of reinforced concrete buildings
conventionally designed according to the AS 3600 (2009) following the potential column
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failure despite meeting the continuity requirements of reinforcement in the bridging beams
above the failed column. Then, the same building model retrofitted with the proposed
scheme was investigated following both the GSA (2003) and UFC (2009) guidelines. The
analysis results show the efficiency of retrofitting the conventional designed reinforced
concrete building by the proposed scheme to resist the progressive collapse.

Further investigations were conducted considering implementing the proposed scheme on
the new buildings considering different scenarios of column failure that included single
column failures and instantaneous failure of two adjacent columns. Similar to the
retrofitting by the proposed scheme, the analysis results show the efficiency of the proposed
scheme in upgrading the new reinforced concrete buildings to resist the progressive
collapse. In addition, 15-storey and 20-storey building models were considered in the
investigations as well as to the considered 10-storey building model. It is shown that the
points in the floors above the failed column are differentially deflected with decreasing
values from the second floor to the roof due to the elongation of the columns and cables
that hanged at the top to the hat braced frame. Also, it is observed that the performance of
the progressive collapse mitigation by adopting the proposed scheme in the 10-storey
building is dominated by the cable capacity while in the 20-storey buildings is dominated
by the vertical deflection above the failed column. The performance of the mitigating
scheme that dominated by the vertical deflection above the failed column implies using
cables with high stiffness in order to reduce the elongation of the cables to eliminate the
excessive vertical deflection above the failed column.
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On the other hand, the effects of the cables’ stiffness on the performance of the proposed
scheme have been investigated in this thesis. It is shown that increasing the cable size
decreases the vertical deflection above the failed column while increasing the cable’s
stiffness increases the transferred forces by the cables in which entails utilizing cables with
increased cross sectional area. Consequently, it is recommended to use resilient cables to
reduce the transferred forces by the cables to the hat braced frame in which allow using
smaller sizes of cables and lighter braced frame compared to that when using stiff cables.

In the context of the proposed new scheme to resist the progressive collapse, a new
simplified design technique is developed in Chapter six of this thesis to design the vertical
cables that were incorporated in the proposed scheme. The developed simplified design
technique is based on the energy balance concept in designing the vertical cables to reserve
the equilibrium of the building after the removal of the potential failed column. The
simplified design technique includes developing a simplified one dimensional idealization
for the building models in lieu of the complex three dimensional finite element modelling.
Applications on the developed design technique in designing the vertical cables were also
presented in Chapter six. The evaluation results show that the developed design technique
can be efficiently utilized in designing the vertical cables of the mitigation scheme. Also,
the results show that the developed design technique can calculate the vertical deflections
in the floors above the failed column in a reasonable accuracy.

204

7.2 Conclusions
According to the discussion and the analysis results, the following conclusions are drown:


This thesis proposes a new mitigation scheme to resist the progressive collapse of
reinforced concrete buildings that resulted from the potential failure of a column.
The new mitigation scheme is proposed to upgrade the new buildings as well as for
retrofitting existing buildings to resist the progressive collapse.



This proposed mitigation scheme consists of installing steel cables along the
columns (embedded in the columns for new buildings or connected at the ends of
the beams for existing buildings) and hanging these cables at the top from a hat
braced frame seated on the top of the building.



The progressive collapse of reinforced concrete frame buildings that resulted from
the potential failure of a column can be efficiently resisted by implementing the new
proposed mitigation scheme. In this study, the viability of the proposed mitigation
scheme in resisting the progressive collapse resulting from different scenarios of
column failures that include independent interior, edge and corner column failures
as well as instantaneous failure of two adjacent columns have been shown.



Two criteria governing the failure that corresponding to applying the mitigation
scheme were recognised. The first criterion is governed by the cable capacity that
responsible of transferring the residual loads above the failed column through the
alternat load path. The second criterion is governed by the deflections above the
failed column in which it is found that increasing the cables’ stiffness have the
significant effect in eliminating these deflections.
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The developed simplified technique can be implemented for the designing the
vertical cables and calculating the vertical deflection above the failed column with a
reasonable accuracy.

7.3 Recommendation for future work
Extension investigations and topics related to the proposed mitigation scheme that is
recommended for future studies include:


Investigating failure of columns located in floors other than the ground floor, for
example in the middle level storey and just beneath the roof. Also, considering
atypical building including both horizontal and vertical irregularities in the building
plan.



Conducting optimum design of the hat braced frame by considering different
configurations.



Conducting experimental investigations on building models built in the laboratory
or on prototype reinforced concrete buildings retrofitted by the proposed mitigation
scheme to compare the results with that obtained from the numerical investigations.



The proposed mitigation scheme is a new scheme that is recommended to discuss
further topics including practical issues related to the installing details and cost
evaluation.
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APPENDIX A
Verification of Developed Column Model

The developed model of columns above the potential failed column is verified in this
Appendix. The developed model of column have been presented in Section 4.4 and
illustrated in Fig. 4-2. The following example includes the verification evaluation.

A.1 Verification example
The column is modelled by using the developed model that described in Chapter four. For
comparison, the results are compared with a frame element characterized with compression
properties of the reinforced concrete column when the column imposed to compression
forces and with a frame element characterized with tension properties of the reinforced
concrete column when the column imposed to tension forces. The considered column has a
length of 3m and dimensions of 0.5 m x0.5 m. The reinforcement details include 4 N 28.
The defined loading conditions:
(a) Axial compression force equal to 1000 kN.
(b) Axial tension force equal to 1000 kN.
(c) Axial compression force equal to 1000 kN and bending moment equal to 50 kN m.

Figure A-1 show the adopted frame element utilized for the comparison and the developed
column element illustrating the points of load imposing and the fixed end boundary
condition. Table A-1 illustrates the properties of the column models that included both the
frame elements with different compression and tension properties as well as the developed
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combined column element that capable of capturing the different behaviour of the
reinforced concrete columns under tension and compression forces.

P
2

M

P
M

2

1

1

(a)

(b)

Figure A-1: (a) Frame element and (b) developed column element.

Table A-10-1: Defined properties of the elements for the adopted developed and the frame
elements.
Developed combined element

Frame Element (compression)

BEAM4:
A = 0 m2
I = 0.00520833 m4
E=30100 MPa

BEAM4:

BEAM4:

A = 0.25 m2
I = 0.00520833 m4
E=30100 MPa

A = 0.00248 m2
I = 0.00520833 m4
E= 200000 MPa

LINK10:
A = 0.25 m2
E=30100 MPa

Frame Element (tension)

COMBIN39:
Defined in Fig. A-2

Force
Py = 1240000

u y =0.0075

um

Elongation

Figure A-2: The force elongation relation of the column reinforcement.
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A.2 Results and analysis
Table A-2 illustrates the comparison results of the resulted deformations when the column
model imposed to the specified loading conditions. On the other hand, Table A-3 illustrates
the comparison results of the resulted reactions when the column model imposed to the
specified loading conditions. It is obvious from the results the validity of the developed
column element to capture the different in the compression and tension behaviour of the
reinforced concrete columns especially in the cases of expected load reversal.

Table A-10-2: Deflection and rotation results at the free end of the column example.

I (compression)
II (tension)
III (compression
and bending)

Frame element
The developed element
Frame element
The developed element
Frame element
The developed element

Horizontal
deflection
(m)
0
0
0
0
-0.0014

Vertical
deflection
(m)
-0.000399
-0.000399
0.006048
0.006048
-0.000399

-0.0014

-0.000399

Rotation
(rad)
0
0
0
0
0.00096
0.00096

Table A-10-3: The reactions and the bending moment at the fixed support of the column.

I (compression)
II (tension)
I (compression and
bending)

Frame element
Hybrid element
Frame element
Hybrid element
Frame element
Hybrid element

Horizontal
reaction
(N)
0
0
0
0

Vertical
reaction
(N)
1E+06
1E+06
-1E+06
-1E+06

Bending
moment
(N.m)
0
0
0
0

0.798E-11

1E+06

-50000

0.419E-11

1E+06

-50000
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APPENDIX B
Program Cable
The simplified design technique that developed in Chapter six has been programmed and
written by utilising the MATLAB 7.8.0 (2009) software. The program is written in m-file
as below:

corner=1;
edge=2;
interior=3;
el=input('please enter number of storeys:');
lof=input('please enter the location of the failed column:');
p1=input('please enter floor load:');
l=input('please enter roof loads:');
Lf=input('please enter the length of the floors columns:');
Lb=input('please enter the clear length of the beams:');
b11=input('please enter the yield moment at the end of interior bridging beams:');
b21=input('please enter the ultimate moment at the end of the interior bridging beams:');
c1=input('please enter yield rotation at the end of the interior bridging beam:');
c2=input('please enter the ultimate rotation at the end of the interior bridging beam:');
b13=input('please enter the yield moment at the end of exterior bridging beams:');
b23=input('please enter the ultimate moment at the end of the exterior bridging beams:');
c3=input('please enter the yield rotation at the end of the exterior bridging beams:');
c4=input('please enter the ultimate rotation at the end of the exterior bridging beams:');
lt=0.5;
%% length of cable just beneath the hat braced frame %%%%%%
do=input('please enter the assumed deflection of the hat braced frame:');
ce=input('please enter the elastic modulus of the cable:');
cs=input('please enter the strength of the cable:');
ey=0.0025; %% yield strain of column reinforcement
%%%%%%%%%%%%
fsy=500;
%% yield stress of the column reinforcement %%%%%%%%%%%%
du=lt*cs/ce;
dddu=c2*Lb;
%%%%%%% calculation of reinforcement area in each column %%%%%%%%
As=zeros(el,1);
z=input('no. of steel groups in the columns:');
AAs=zeros(z,1);
for h=1:z
AAs(h)=input('area of reinforcement in a group:');
n=input('the start floor:');
m=input('the end floor:');
for i=n:m
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As(i)=AAs(h);
end
end
As=As;
Fs=As*fsy;
%%%%%%%% equivelent forces in column reinforcement %%%%%
dof=el+1; %%%%%%%%% number of degrees of fredom %%%%%%%%%%%
esy=ey*Lf;
%%%%%%%%% deformation in column reinforcement %%%%%%
%%%%%%%%%%%%% creating force vector %%%%%%%%%%
p=zeros(el,1);
for i=1:el-1
p(i)=p1;
end
p(el)=l;
%%%%%%%%%%%%%%%%%%%%%%%%%%%%%%%%%%%%%%%%%%%%
kc1=zeros(el,1);
%%%%%%% local stiffness matrix of cables
kr1=zeros(el,1);
%%%%%%% local stiffness matrix of column reinforcement %%
kkc=zeros(dof,dof); %%%% global stiffness matrix of cables %%%%%%%%
kkr=zeros(dof,dof);
%%%%% global stiffness matrix of column reinforcement %
s=eye(el);
xx=zeros(el,1);
v1=zeros(dof,1);
v1(el,1)=do+du;
for i=1:el-1
v1(el-i)=v1(el-i+1)+0.0125;
end
v1=v1;
for i=1:el
xx(i)=v1(i)-v1(i+1);
end
xx=xx;
xxx=v1;
fk=Lf/lt*((v1(el)-do)/v1(el));
for i=1:el-1
kc1(i)=200;
end
kc1(el)=fk*kc1(el-1);
%%%%%%%%%%%%%%%%%%%%%%%%%%%%%%%%
z=1;
while z<=100
%%%%%%%%% %%%%
for m=1:el-1
FFF=Fs(m);
if xx(m) <= esy
kr1(m)=FFF/esy;
else
kr1(m)=FFF/xx(m);
end
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end
kr1=kr1;
%%%%%%%%%%%%%%%%
kkr=zeros(dof,dof);
for v=1:el
kr=zeros(dof,dof);
for i=v:v+1
for j=v:v+1
kr(i,j)= kr(i,j)+(-1)^(i+j)*kr1(v);
end
end
kr=kr;
kkr=kkr+kr;
end
kkr=kkr;
kkr=kkr(1:el,1:el);
%%%%%%%%%%%%%%%%
a1=b11/c1;
a2=(b21-b11)/(c2-c1);
s1=zeros(el,el);
for i=1:el
o1(i)=xxx(i)/Lb;
if o1(i) <= c1
ko1(i)=b11/c1;
else
ko1(i)=(b11+a2*(o1(i)-c1))/o1(i);
end
kv1(i)=ko1(i)/(Lb^2);
s1(i,i)=kv1(i);
end
s1=s1;
%%%%%%%%%%%%%%%
a1=b13/c3;
a2=(b23-b13)/(c4-c3);
s11=zeros(el,el);
for i=1:el
o1(i)=xxx(i)/Lb;
if o1(i) <= c3
ko1(i)=b13/c3;
else
ko1(i)=(b13+a2*(o1(i)-c3))/o1(i);
end
kv1(i)=ko1(i)/(Lb^2);
s11(i,i)=kv1(i);
end
s11=s11;
%%%%%%%%%%%%%
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kkc=zeros(dof,dof);
for v=1:el
kc=zeros(dof,dof);
for i=v:v+1
for j=v:v+1
kc(i,j)= kc(i,j)+(-1)^(i+j)*kc1(v);
end
end
kc=kc;
kkc=kkc+kc;
end
kkc=kkc;
kkc=kkc(1:el,1:el);
if lof==1
s=2*s11;
elseif lof==2
s=s1+2*s11;
elseif lof==3
s=4*s1;
end
kkb=zeros(el,el);
kkb=kkc+kkr+s;
v1=v1(1:el,1);
tt=kkb*v1-p;
jj=kkb;
jj(el-1,el)=-v1(el);
jj(el,el)=(fk+1)*v1(el);
v1(el)=kc1(1,1);
hhh=inv(jj);
yy=-(hhh*tt);
v1=v1+yy;
for v=1:el
kc1(v)=v1(el);
end
kc1=kc1;
v1=v1;
v1(el,1)=do+du;
v1(dof,1)=do;
v1=v1;
for i=1:el
xx(i)=v1(i)-v1(i+1);
end
xxx=v1;
xx=xx;
fk=Lf/lt*((v1(el)-do)/v1(el));
z=z+1;
kc1(el)=fk*kc1(el-1);
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end
%%%%%%%%%%%%%
if v1(1)> dddu
dof=el+1;
kc1=zeros(el,1);
kr1=zeros(el,1);
kkc=zeros(dof,dof);
kkr=zeros(dof,dof);
s=eye(el);
xx=zeros(el,1);
for i=1:el
kc1(i)=200;
end
v1=zeros(dof,1);
v1(1,1)=0.1276;
for i=2:el
v1(i)=v1(i-1)-0.125;
end
v1=v1;
for i=1:el
xx(i)=v1(i)-v1(i+1);
end
xx=xx;
xxx=v1;
%%%%%%%%%%%%%%%%%%%%%%%%%%%
z=1;
while z<=100
%%%%%%%%%% %%%%%%%
for m=1:el-1
FFF=Fs(m);
if xx(m) <= esy
kr1(m)=FFF/esy;
else
kr1(m)=FFF/xx(m);
end
end
kr1=kr1;
kkr=zeros(dof,dof);
for v=1:el
kr=zeros(dof,dof);
for i=v:v+1
for j=v:v+1
kr(i,j)= kr(i,j)+(-1)^(i+j)*kr1(v);
end
end
kr=kr;
kkr=kkr+kr;
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end
kkr=kkr;
kkr=kkr(1:el,1:el);
%%%%%%%%%%
a1=b11/c1;
a2=(b21-b11)/(1-c1);
s1=zeros(el,el);
for i=1:el
o1(i)=xxx(i)/Lb;
if o1(i) <= c1
ko1(i)=b11/c1;
else
ko1(i)=(b11+((b21-b11)/(1-c1))*(o1(i)-c1))/o1(i);
end
kv1(i)=ko1(i)/(Lb^2);
s1(i,i)=kv1(i);
end
s1=s1;
%%%%%%%%%%%
a1=b13/c3;
a2=(b23-b13)/(1-c3);
s11=zeros(el,el);
for i=1:el
o1(i)=xxx(i)/Lb;
if o1(i) <= c3
ko1(i)=b13/c3;
else
ko1(i)=(b13+((b23-b13)/(1-c3))*(o1(i)-c3))/o1(i);
end
kv1(i)=ko1(i)/(Lb^2);
s11(i,i)=kv1(i);
end
s11=s11;
%%%%%%%%%%
kkc=zeros(dof,dof);
for v=1:el
kc=zeros(dof,dof);
for i=v:v+1
for j=v:v+1
kc(i,j)= kc(i,j)+(-1)^(i+j)*kc1(v);
end
end
kc=kc;
kkc=kkc+kc;
end
kkc=kkc;
kkc=kkc(1:el,1:el);
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%%%%%%%%%%%%%%%%%%%%%%
if lof==1
s=2*s11;
elseif lof==2
s=s1+2*s11;
elseif lof==3
s=4*s1;
end
kkb=zeros(el,el);
kkb=kkc+kkr+s;
kkb(el,el)=((Lf/lt)*(v1(el)-do)/v1(el)+1)*kc(el,el)+kkr(el,el)+s(el,el);
v1=v1(1:el,1);
tt=kkb*v1-p;
jj=kkb;
jj(1,1)=v1(1);
jj(2,1)=-v1(1);
jj(el,el)=(Lf/lt+1)*(kc(el,el)+kkr(el,el))+s(el,el);
v1(1)=kc1(1,1);
hhh=inv(jj);
yy=-(hhh*tt);
v1=v1+yy;
for v=1:el
kc1(v)=v1(1);
end
kc1=kc1;
v1=v1;
v1(1,1)=0.1276;
v1(dof,1)=0;
v1=v1;
for i=1:el
xx(i)=v1(i)-v1(i+1);
end
xxx=v1;
xx=xx;
z=z+1;
end
end
fk=Lf/lt*((v1(el)-do)/v1(el));
kc1(el)=fk*kc1(el-1);
v1=v1
kc1=kc1
Fcable=kc1(el)*(do+du)/1000
Acable=kc1(1)*Lf/166000
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